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Journal of the 
STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


PIN-ENDED GABLED FRAMES 


James Chinn,! J.M., ASCE 
(Proc. Paper 1353) 


SYNOPSIS 


This paper presents a method for solving pin-ended, 1 or 2 span, gabled 
frames by the method of consistent deformations. It utilizes moment distri- 
bution coefficients but does not require actual distribution of moments. The 
solution does not require the two simultaneous equations of the moment dis- 


tribution solution for the single span frame, but it requires the same number, 
three, for the 2 span frame. 


INTRODUCTION 


The solution of a pin-ended, single-span, gabled frame by moment distri- 
bution involves three separate moment distributions plus two simultaneous 
equations.(1) The solution by consistent deformations, however, requires the 
determination of only two horizontal deflections and one redundant reaction.(2) 
When solved by moment distribution, the cases of many frames containing 
members of varying cross section are not appreciably any more complicated 
than the cases of similar frames having members of constant cross section 
because the moment distribution coefficients for many variations of cross 
section have been calculated and are available in various publications.(3,4,5) 
When solving by consistent deformations, however, the determination of de- 
flections is considerably complicated by the presence of members of varying 
cross section. In the following, a method is developed enabling one to deter- 
mine joint deflections using moment distribution coefficients without actually 
performing the distributions. 


Note: Discussion open until February 1, 1958. Paper 1353 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, 
Vol. 83, No. ST 5, September, 1957. 


1. Asst. Prof. of Civ. Eng., Univ. of Texas, Austin, Tex. 
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Derivation of Equations 


The basic equations of slope deflection are: 


F 
Map = Map Kap 9a * Kap! + Cap 


F 
Mp, = Mpa ~ Kpa9p * + Cpa 


where a moment is positive if it acts clockwise upon a joint and: 


(1) 


Map = Final moment at end A of member AB 
Mpa = Final moment at end B of member AB 


Mi = Fixed-end moment at end A of member AB 


May = Fixed-end moment at end B of member AB 
‘AB = Stiffness at end A of member AB 


K 

Kea = Stiffness at end B of member AB 

Cc AB = Carryover factor at end A of member AB 
Cc 


BA = Carryover factor at end B of member AB 
» * Rotation of joint A, positive when clockwise 


= Rotation at joint B, positive when clockwise 


= Rotation of line connecting joints A and B, positive when clockwise 


Solving equations (1) for 6 A and and noting that K ABC AB™ ACB 


F F 
where Map - Map and 4 = Maa - Mpa 


Equations (2) become the rotational check equations of moment distribu- 
tion when A = 0.(6,7) A 

At a joint of a frame, such as joint C in figure 1, the L of member CA 
minus the a of member CB equals the change in the angle ACB, or, it is the 
change in the angle formed by the straight lines connecting joints. The 


numerical value of this angle change is evaluated by subtracting @¢ for 
member CB from 9c for member CA, or: 


L 
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4M, ©ac4M - pc4M 


AC BC (3) 


A positive angle change indicates an increase in angle. 


The angle change at each joint can thus be determined by subtracting the 


of the more counterclockwise member from that of the more clockwise mem- 


ber, and the deflections at any joint can be determined by moment area or 
conjugate frame. (8) 


Applications 


The use of this method will be illustrated by solving the problems previ- 
ously solved by moment distribution in the Portland Cement Association 
pamphlet, ST 43.(1) 

In example 1, the single span frame, the structure is first made statically 
determinate by replacing the right hinge with a roller. The horizontal deflec- 
tion of the roller caused by applied load is then determined, and the horizon- 
tal roller force required to produce an equal and opposite deflection is calcu- 
lated. The deflections are found by moment area after the angle changes at 
joints have been calculated as follows: 


1. Lock all joints against rotation and displacement. 

2. Apply loads and calculate fixed end moments. 

3. Apply loads to statically determinate structure and calculate joint 
moments. 


4. Determine angle changes at joints from formula (3). 


In example 2, the 2 span frame, the structure is made statically deter- 
minate by replacing the hinge at E with a roller and the hinge at J with a free 
end. Next, horizontal deflections at E and J and vertical deflections at J due 
to applied load, then due to unit Hr, Hy, and Vy forces, applied separately, 
are determined by moment area. The three simultaneous equatioas express- 
ing the zero deflections at E and J are then solved for the redundant 
reactions. 

This method can be applied to continuous beams and to rectangular frames 
as well as to gabled frames; however, it will not generally offer any advan- 
tages over other methods in these two cases. 


CONCLUSIONS 


This method enables the designer to solve single span gabled frames by 
consistent deformations, solving for a single redundant reaction and avoiding 
the two simultaneous equations involved in a moment distribution solution. 

The solution of a 2 span frame involves three simultaneous equations, the 
Same number as by moment distribution. 
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Deflection Due to He > 
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Simultaneous Equations 
(Qn)e 1942 He + 1888 Hy + 1660 Vy 


(Sn)y + + 2918) Vy 
(Sy)y «1660.8 Ag + 2919.8 Hy + 3186.3 Vy 
He = 
Hy = 


Vy 
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= 1033 
= 1033 
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LATERAL DEFLECTIONS AND STRESSES IN BUILDING FRAMES 


Robert E. McClellan! 
(Proc. Paper 1354) 


SYNOPSIS 


This paper demonstrates a method of analyzing multi-story rigid frames 
for deflections and stresses caused by lateral loads. The analysis is based 
on the structural properties of the frame members and gives answers in the 
same range of accuracy as those obtained by use of the “Approximate” Slope 
Deflection Method.2 The sources and probable magnitude of error in calcu- 
lated stress and deflection are discussed. 

The example used is the classic Wilson-Maney Bent. 3 However, the 


method is general and may, with modification, be applied to any multi-story 
rigid frame. 


GENERAL ASSUMPTIONS 


The general assumptions used, common to all rigid frame analysis 
methods, are as follows: 


. Column and girder connections are rigid. 


. Direct stress has negligible effect on member lengths. 


. The length of a member is the distance between the neutral axes of the 
members which frame into it. 


. The deflection of a member due to internal shear is negligible. 


Special Assumptions 


1. The structural properties of corresponding members in any two 


Note: Discussion open until February 1, 1958. Paper 1354 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 5, September, 1957. 

1. Senior Struct. Engr. California State Div. of Arch., Lecturer in Gen. Eng., 
Univ. of South California, Los Angeles, Calif. 


2. Bulletin No. 80, Dlinois Engineering Experiment Station. 
3. Loc. cit. 
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adjacent stories may be considered identical. 
2. The points of inflection of all columns are at mid-height. 


Symbols 


The following symbols are used in the derivation and analysis: 
E = modulus of elasticity; 


L_ = length of a member between axial intersections; 

I = moment of inertia of the cross section of a member; 

= stiffness factor = I/L; 

Mc = end moment on a column; 

Mg = end moment on a girder; 

A = total linear displacement of one end of a column relative to its other 


end; 
Ac = that component of A due to column flexure; 


AG = that component of A due to girder flexure; 
@ = angular rotation of a joint in radians; 

h =story height between girder axes; 

= total lateral shear at any story. 


All clockwise joint rotations and clockwise end moments applied to frame 
members are called positive. The linear displacement of one end of a mem- 


ber relative to the other end is called positive if a straight line connecting the 
two ends is rotated in a clockwise direction. 


Derivation 


Fig. 1 represents a portion of a 3 bay multi-story frame. The K valves 
are shown in accordance with the first special assumption. In the derivation 
which follows, the subscripts 1 and 2 refer to the exterior and interior gir- 

ders, and 3 and 4 refer to the exterior and interior columns respectively. 


PORTION OF A 3-BAY MULTI-STORY FRAME 


Fig. 1. 


If Kj and Kg are infinite, the entire deflection in each story will be due to 
column flexure and will equal 4 ¢- where 


(1) 


for any column as pictured in Fig. 2 


Ks K 
Ks Ky ky 
4. = SEK, = 
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A, | 
COLUMN FLEXURE FRAME DEFLECTION 
Fig. 2. 


If Kg and K4 are infinite, the entire deflection in each story will be due to 
girder flexure and will be equal to Ag where 


A= (2) 


Cc 


(3) 
therefore 
A, 


as pictured in Fig. 3. 


GIRDER FLEXURE FRAME DEFLECTION 


Fig. 3. 


By superposition the total lateral deflection per story is the sum of the de- 
flections due to column flexure and girder flexure or 


Moh 


SEK, 


A= A.+4,* (4) 


In applying equation (4) to calculate the lateral deflection in a story any 
column may be used, but the girder used must be one which frames into the 
chosen column. It is usually most convenient to use an exterior column in the 
deflection analysis. 

For purposes of calculating the shear distribution between columns, it in- 
troduces no error to assume that the column end moments above and below a 
given joint are equal. For exterior columns it may then be said 


M, = -2M, (5) 


For interior columns the relation between column and girder end moments 
must be derived from the frame properties. If Mq is the column end moment, 
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the exterior girder end moment is f; (M4) and the interior girder end moment 
is fo(M,). The girders suffer the same end rotation so 


= 


(3) 
6EK, 


The total column moment at a joint is 2M4 so 


? (1 + Ke) (6a) 
Ri 


If the girder moment value from (5) is substituted in (4), the total lateral 
deflection of an exterior column is 


A= —M,h Mh (4) 
~ 


For an interior column, the exterior girder end moment at the interior end is 


2 
My = (74 (7) 
Ry 


therefore 


SEK, 
1 


(1+ _2)3EK 
K 

The total lateral deflection of all columns in a story is the same, consequently 


- K 
6EK, SEK, 6EK 4 


therefore 


f,+{,=2 (6) 
and 
M 4 2 2 
Mz = 4 (8) 
+ 
‘3 Ky 
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Equation (8) relates exterior and interior column end moments due to 
lateral loads on the frame and also due to lateral deflections. For simplifi- 
cation the parenthetical expression of (8) will be called “D.” Then D is the 
ratio of exterior and interior column end moments, and by the second special 
assumption it is also the ratio of column shears. Therefore if the shear in an 


interior column is unity, the exterior column shear will equal D and the tatal 
story shear will be 


H = 2+ 2D (9) 


for the frame of Fig. 1. 
The percentage of the total story shear carried by the exterior column is 


100 @ #100 (10) 
2+ 2D 


where Hg is the exterior column shear. 


The solution of the column shear distribution from (10) permits calculation 


of all frame moments. By the second special assumption the exterior column 
end moment is 


(11) 


and the interior column end moment is 


(12) 
D 


The girder end moments are determined from the column moments. The ex- 
terior girder moment at the exterior end is equal to the sum of the column 
moments which frame into it. At the interior end, the exterior girder mo- 
ment is equal to fj times the average of the column moments which frame 
into it. The interior girder end moment is equal to f9/F times the exterior 
girder moment at the interior end. 


The lateral deflection of an exterior column in any story is 


—Mzh Moh 


SEK) 


(4a) 


To compute the total lateral deflection of a building frame it is necessary to 
apply equation (4) at each story and sum the results. The separate deflections 


My = = 
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due to column and girder flexure can be calculated by (4), or (4a) can be used 
to compute total story deflection directly. 

The lateral deflection due to girder flexure is a function of the average of 
the girder moments above and below a given story. Hence the relationship 


(5) 


used to relate column and girder moments in equation (4), causes negligible 
error in deflection calculations since it overstates the upper girder moment 
to the same degree that it understates the lower. 


Example 


The structure analyzed is the classis Wilson-Maney bent, a 20 story 3 bay 
building frame with 22 foot exterior bays and an 18 foot interior bay. The 
frame properties were obtained from Bulletin No. 80 of the Illinois Engineer- 
ing Experiment Station. The frame is analyzed for a lateral load of 10,000 
pounds at each floor level. For convenience the analysis is made in tabular 
form. The known frame properties are listed and calculation results are en- 
tered in the order in which they are made. Moments are given in inch- 
pounds and E is 30,000,000 psi. 


Comparison with other Methods 


Pages 17 through 19 present a tabulated comparison of stress calculations 
by the proposed method and the Slope-Deflection and Cantilever methods. 
The same frame is analyzed and the loading is the Wilson-Maney wind load 
given in Bulletin No. 80 of the Illinois Engineering Experiment Station. The 
results of the preceeding stress analysis are converted to the Wilson-Maney 
wind load condition by direct proportion of the story shears used in each case. 


Sources and Magnitudes of Error 


The uncertain magnitudes of lateral loads on buildings make a laborious 
exact analysis of doubtful value. An approximate method which gives results 
that average within 10% of theoretically exact answers is adequate for design 
use and has as much chance of yielding the true answer as does an exact 
method. The proposed method is approximate since it utilizes two special 
assumptions which greatly simplify the labor of analysis at the cost of intro- 
ducing deviation from exactness. 

The first special assumption was proposed by Wilson and Maney for the 
Approximate Slope Deflection Method. Its effect on the accuracy of a lateral 
load analysis has been thoroughly evaluated and is not further discussed 
here.4 The second special assumption is investigated for its separate effects 
on lateral deflection due to column flexure and due to girder flexure. 

Any shift of contraflexure from mid-height causes lateral deflection due to 
column flexure to be somewhat larger than that calculated assuming column 
inflection at mid-height. If contraflexure occurs at distance ‘y” from the 


4. Bulletin No. 80, linois Engineering Experiment Station. 
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lower end, the total deflection due to column flexure will be the sum of the 
deflections of two cantilevers, one of length y and the other of lengthh - y, 
each with a concentrated load Hg at its free end. Writing the expressions for 
the separate partial deflections and combining them gives 


H, (h® shy Sy”) 


(13) 


aN 


Solving (13) gives the following results: 


0.50Hgh* 
0.514Hgh® 


At y= 0.50h, = 


At y =0.45n, A. = 


2 
0.56Hsh 


2 
0.635H,h 
6EKs 


At y = 0.40h, A. = 


At y 0.35h, 


Except for the top two or three stories of a building frame, the column 
point of inflection usually occurs above 0.40th at around 0.45h. From this it 
is apparent that the assumption of contraflexure at mid-height introduces an 
error which in most cases does not exceed 5% of the calculated deflection due 
to column flexure. 

The amount and direction of movement of the column point of inflection 
tends to be equal in adjacent stories. Therefore, if the lateral shear carried 
by adjacent stories is the same, the movement of column contraflexure from 
mid-height causes negligible change in girder moment and has little effect on 
deflection due to girder flexure. However, when a differential shear between 
stories exists, the movement of contraflexure from mid-height causes a net 
change in total column moment acting at a joint and hence affects the amount 
of girder moment and the lateral deflection. This effect is greatest near the 
top of a frame where the movement of column point of inflection and the ratio 
of differential shear and total shear per story are both a maximum. Fortu- 
nately, lateral force effects are rarely critical in the top stories of a building 
frame. 


The exact expression for lateral deflection due to girder flexure is 


Oc = 


(GO, *O 2), (14) 
2 


where 6, and 69 are the joint rotations at the top and bottom of the considered 
column in any story. 

Fig. 4 shows a free body diagram of the horizontal forces acting on a seg- 
ment of an exterior column subjected to a shear Hg with a differential shear 
of dH3 at each floor level. 
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h-y 
——H,+ dH, 


Fig. 4. 


it follows from Fig. 4 that 


a 


EXTERIOR COLUMN FREE BODY 


h 


@i * — digy+ 


2 
6EK, 


and the exact deflection due to girder flexure is 


-Hgh® ¢ dHgyh — dligh® 


At the 18th story of the Wilson-Maney bent 


H 


y = 0.4h . 
By equation 16, the exact 4, in the 18th story is 

1.034Hgh* 
6EK. 


1 


The Ag calculated by tke proposed method is 
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dH,—= ) 
h-y 
H,— 

Since 

M 
O= (3) 
|| 
as) 
and 
. 
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In the lower stories there is closer agreement between the “exact” deflection 
of equation 16 and that calculated by the proposed method. 


DISCUSSION 


The proposed method, like all frame analysis methods, ignores the large 
stiffening effect of walls, foreproofing and floor slabs. This is in line with the 
standard practice of discounting superficial inelastic elements in a building 
and therefore designing the frame to carry all of the loads. 

The method permits detection, during the design phase, of those areas in 
a building which suffer excessive deflection under lateral loads, and it locates 
the members, girders or columns, which require redesign in order to achieve 
adequate stiffness for the structure. 

The accuracy, as determined in the section on SOURCES AND MAGNI- 
TUDES OF ERROR, is adequate for lateral force analysis. In general it may 
be said that the results are comparable to those obtained with 2 cycle moment 
distribution, which method the proposed method resembles in that significant 
effect is assumed to be limited, at any point in a structure, to those members 
immediately adjacent to that point. 
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0.0585 


0.0351 
0.0319 
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TABLE I 
STORY Ky K, K, K, — 
20 7.7 9.4 131 13.2 007799 
19 
18 
17 13.1 13.2 0.0379 
ae 14.3 14.6 0.0342 
15 14.3 14.6 0.0342 
14 18.3 18.6 0.0269 
13 18.3 18.6 0.0269 
12 18.8 19.9 0.0251 
11 18.8 19.9 0.0252 
10 21.1 26.1 0.0192 
21.1 26.1 0.0192 
7.7 9.4 28.7 30.0 0.0167 a 
12.8 15.7 28.7 30.0 0.0167 
14.1 17.2 29.4 30.4 0.0164 
19.5 23.8 29.4 30.4 0.0164 
19.5 26.2 35.4 35.5 0.0141 
21.4 26.2 35.4 35.5 0.0141 
21.4 29.2 35.6 35.6 0.0140 
30.5 37.3 25.8 25.8 0.0194 
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TABLE I (continued) 
STRUCTURAL ANALYSIS 


0.0382 0.130 0.573 


0.0382 0.573 
0.0350 0.562 
0.0350 0.562 
0.9273 0.542 
0.0273 0.542 
0.0266 0.534 
0.0266 0.554 
0.0237 0.506 
0.0237 0.506 
0.0174 0.130 0.510 
0.0174 0.0781 0.543 
0.0170 0.0709 0.550 
0.0170 0.0515 0.578 
0.0141 0.0513 0.551 
0.0141 0.0467 0.577 
0.0140 0.0467 0.557 


ww Pao nt DO 


0.0194 0.0328 0.655 


ASCE 
20 3.15 0.182 

19 

18 
17 3.15 0.182 
16 3.12 0.180 
15 3.12 0.180 
14 3.08 0.176 
13 3.08 0.176 
12 3.07 0.174 
11 3.07 0.174 
10 3.01 0.168 
3.01 0.168 
3.02 0.169 
3.09 0.176 
3.10 0.177 
3.16 0.183 
3.10 0.177 
3.15 0.183 
3.11 0.179 
3.31 0.198 
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TABLE I (continued) 


STRUCTURAL ANALYSIS 


131,000 
262 ,000 
393,000 
524,000 
647,000 
,000 
885,000 
1,013.900 
1,130,000 
1,252,000 
1,332,000 
1,454,000 
1,583,000 
1,770,000 
2,240,000 
2,450,000 
2,530,000 
2,760,000 
3,260,000 
5.230, 000 


229,000 
457,000 


685,000 

915,000 
1,150,000 
1,380,000 
1,630,000 
1,870,000 
2,120,000 
2,350,000 
2,630,000 
2,870,000 
3,100,000 
3,260,000 
4,080,000 
4,240,000 
4,590,000 
4,780,000 
5,850,000 
7,990,000 


ST 5 
D 
20 1820 144 
18 5460 
17 7280 
16 9000 
15 10,800 
14 12,300 
13 14,100 
7 12 15,700 
11 17,400 
10 18,500 
20,200 
22,000 
24,600 144 
26,600 168 
29,200 
30,100 
32,900 168 
34,000 192 
39,600 264 
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TABLE I (continued) 
STRUCTURAL ANALYSIS 


Interior 


M,* 
Exterior 


(is Ms) 


131,000 
393,000 
655,000 
917,000 

1,171,000 

1,424,000 

1,662,000 

1,898,000 

2,143,000 

2,383,000 

2,584,000 

2,786,000 

3,037,000 

3,353,000 

4,010,000 

4,690,000 

4,980,000 


103,000 
309 ,000 
515,000 
721,000 
930,000 

1,140,000 

1,360,000 

1,580,000 

1,800,000 

2,010,000 

2,240,000 

2,480,000 

2,690,000 

2,860,000 

3,310,000 

3,750,000 

3,770,000 


126,000 
377,000 
629 ,000 
880,000 

1,134,000 

1,392,000 

1,660,000 

1,930,000 

2,200,000 

2,450,000 

2,740,000 

3,030,000 

3,290,000 

3,510,000 

4,040,000 

4,580,000 

5,060 ,000 


ASCE 
20 0.901 
19 
18 
av 
16 
15 
14 
13 
12 
11 
10 
9 
8 0.901 
7 0.3898 
6 0.901 
5 0.901 
0.854 
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TABLE I (continued) 


M # M. 
2 Interior 
K (My, @ M ) 2 Inte- 
=( Mz Mz) (le “ft, 2 rior 


3 5,290,000 0.900 4,220,000 5,150,000 


2 6,020 ,000 0.845 4,500,000 6,150,000 
2. 8,490,000 0,900 6,220,900 7,600,000 


id (Mz @ Mz) represents the sum of the end moments 
of the columns framing the girder from above and below. 


1/2 (Mg, # My) represents the avergae of the 
moments of the columns framing the girder from above 
and below. 
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TABLE 1 (continued) 


STRUCTURAL ANALYSIS 


STORY 3 


3 3 


20 6,290,000 0.1682 1,060,000 0.036 


19 2,600,000 2,120,000 0.070 


18 18,850,900 3,180,000 0.106 
25,150,000 0.1682 4,230,000 0.141 


51,100,000 0.1650 5,150,000 0.171 


37,500,000 0.1650 6,160,000 0.205 


42,500,000 0.1573 6,690,000 0.2235 


48 ,600 ,000 


0.1573 7,640.000 


54,200,000 0.1566 


8,480.000 


60,200 ,O000 0.1566 9,410,000 0.314 


64,000,000 0.1537 9,830,900 0.328 


9 69, 600 ,000 0.1537 10,'700 ,O00 0.357 
8 76,000,000 0.1474 11,200,000 0.3574 
‘| 84,900,000 0.0955 8,100,000 0.270 
6 125,500,000 0.0879 11,020,000 0.368 
5 137 ,000 , 000 0.0683 9,560,000 0.512 
4 141,700,000 0.0654 9,260,000 0.309 
154,500 ,000 0.0608 9,390,000 0.314 
2 208,500,000 0.0607 12,650,000 0.422 
1 460,000,000 0.0522 24,100,000 0.803 


Total ground to roof deflection — 


at 10,000 lb. shear per floor. 
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16 
15 
14 
13 ee 0.254 
12 0,233 
11 
10 
in. 
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TABLE II 


IN.-LBS. 
EXTERIOR COLUMN MOMENT IN 1000 FOR 


WILSON-MANEY WIND LOAD 


Exact “Wapprox.' Cantilever" Proposed 
STORY Slope-Deflection Slope-Defl. Method Method 
Top Bottom 


1.75 


ve) 


11.68 6.24 


15.92 10.43 


=) 


20.45 15.40 


=) 


24.45 18.45 


29.42 24.350 


=) 


35.70 26.90 


w 


38.50 31.70 


41.40 34.10 


= 


47.50 41.50 


46 42.40 
52.55 51.90 
44.40 67.70 
57.60 60.00 
75.00 83.20 


84.50 82.80 
87.80 87.80 


100.30 90.70 


115.00 107.50 


178.80 272.00 


= 4.72 
= 9.44 
= 14.1 
| 18.9 
23.3 
= 28.0 
= 31.8 
= 36.5 
= es 38.7 38.2 40.6 
= es 43.0 41.9 45.2 
= 45.6 46.0 47.9 
49.8 51.4 52.4 

54.7 55.9 57.0 

60.3 59.2 63.6 

76.8 74.3 81.1 

a 85.6 80.9 89.4 

87.1 87.1 93.3 

ee 96.8 91.5 102.5 

113.8 111.0 122.5 

ee 191.5 166.9 201.5 


5S bw DOW O DO 
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TABLE III 


IN. -LBS. 


INTERIOR COLUMN MOMENT IN 1000 FOR 


WILSON-MANEY WIND LOAD 


"Exact" "Approx." "Cantilever" Proposed 


Slope-Deflection Slope- Defl. Method Method 


Top 


10.83 
18.90 
27.60 
55.80 
45.40 
53.60 
65.10 
71.80 
81.50 
89.00 
102.00 
104.20 
97.20 
122.00 
143.30 
162.30 
176.10 
187.50 
226.50 
251.00 


Bottom 


7.04 
14.93 
23.40 
31.40 
40.60 
48.35 
58.90 
65.60 
75.10 
81.20 
94.20 

103.30 

127.50 

124.00 

155.70 

162.00 

173.50 

182.00 

239.00 

308.20 


ASCE 
STORY 

8.25 
16.5 
24.7 
32.9 
41.4 
49.6 
58.7 
67.3 
77.9 79.1 76.3 
86.4 88.1 84.5 
96.3 96.8 94.8 
105.5 104.5 103.2 
114.0 113.0 111.6 
120.7 122.0 117.3 
151.8 153.0 148.0 
160.0 163.1 155.0 
175.0 175.3 169.5 
184.1 187.6 178.0 
227.5 228.6 220.0 
319.0 343.2 308.0 
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TABLE IV 


IN. ~LBS. 
EXTERIOR GIRDER MOMENT IN 1000 


WILSON-NMANEY WIND LOAD 


wExact™ WApprox." "Cantilever" Proposed 
STORY Slope-Deflection Slope-Defl. Method Method 


Outer Inner Outer Inner Outer Inner 


125.90 117.00 115.0 110.9 114.5 120.6 103.0 
155.00 125.60 157.1 128.5 135.2 145.0 120.0 
167.70 152.00 162.4 151.8 154.8 171.5 157.2 
170.50 153.60 172.7 152.C 169.2 184.0 1359.0 


187.10 171.70 183.9 173.1 178.2 196.5 157.0 
203.00 184.00 


on & fF DO 


287.80 


245.00 


6.11 5.32 4.7 3.7 
13.38 12.25 14.1 11.1 
22.10 20.15 23.5 18.5 
31.00 28.20 33.0 26.0 
39.70 36.40 42.2 33.5 
48.70 49.460 51.2 41.0 
55.70 52.80 59.8 48.9 
65.30 60.80 68.4 56.9 
73.40 68.60 73.1 68.5 12.3 77 2 64.9 
81.90 76.69 81.7 77.0 80.3 85.8 72.4 
89.60 85.00 88.6 85.7 87.1 93.0 80.6 
95.00 91.10 95.4 95.8 96.8 100.2 89.3 
95.60 92.00 104.5 103.5 108.7 109.0 96.8 
27405 2279.3 527.0 2.4020 
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Journal of the 
STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


DESIGN OF MULTI-LEVEL GUYED TOWERS: 
WIND LOADING 


Edward Cohen,! M. ASCE, and Henri Perrin 
(Proc. Paper 1355) 


INTRODUCTION 


In recent years the needs of the television industry, of national defense, 
etc., for towers of great height has resulted in a great increase in the con- 
struction of multilevel guyed towers (Fig. 1). By supporting the structural 
shafts at suitable intervals with high strength wire strand guys, a highly 
economical structure results when space is available to provide adequate 
anchors for the guys at ground level. 

Although most multilevel guyed towers in this country have trussed struc- 
tural steel shafts of triangular cross-section as shown in Fig. 2, others have 
been built as square box trusses, circular shafts of steel plate or concrete, 
and timber box trusses. The square and triangular types have four and three 
vertical faces respectively which are trusses with vertical chords, each chord 
being common to two faces. The shapes for the individual members are us- 
ually chosen based on their availability and adaptability to the manufacturing 
processes of the fabricator. However, members of circular cross-section 
have the initial advantage that the wind loading on the tower and the guys is 
substantially reduced by their use. 

For increased stiffness the guys usually receive a substantial initial stress, 
or prestress during installation. The points of attachment of the guys at shaft 
and anchorage are also located to produce, as nearly as possible, a linear 
displacement of the shaft under wind loading. 

Although, in general the towers are made symmetrical some economy may 
be possible in special cases by careful orientation or even by the use of dif- 
ferent design loads in different directions where it is well known that the 
maximum winds in any two or three directions are substantially different.(1) 
This is particularly true for square towers where for a given wind velocity 
the load due to wind parallel to a diagonal is substantially greater than that 
parallel to a face. 


Note: Discussion open until February 1, 1958. Paper 1355 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 5, September, 1957. 

1. Associate Ammann & Whitney, Consulting Engineers, New York, N.Y. 

2. Senior Designer, Ammann & Whitney, Consulting Engineers, New York, N.Y. 
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The primary loads on a multilevel guyed tower are those due to (1) the 
dead weight of the structural members and any apparatus which it may carry 
(2) wind velocity and (3) ice load. The source and magnitude of the loads due 
to the dead weight of the structure are self-evident and readily computed. 
The loads due to wind velocity are greatly affected by the shape of the tower, 
and, in the case of non-circular and trussed towers, the orientation of the 
tower to the direction of the wind, the ratio of the solid area to the total en- 
closed area of a vertical face and the cross-sectional shape of the individual 
members of the tower. 

Before computing the loads due to wind velocity it is first necessary to 
determine a design wind at the specific location of the tower. Because wind 
velocities vary throughout the country, each locality will have a design which 
is consistent with past experience in the given area. Wherever possible 
charts of probable wind frequency should be used to determine the design 
loads. These should be used with extreme caution where the period of record 
is short and where there is a possibility of long cyclic changes. Where the 
towers are located so that a failure might be expected to involve loss of life 
or extensive property damage the design frequency of the storm should not 
be greater than once in 100 years. Where the towers are in isolated areas 
the frequency may be increased and the design velocity and pressure reduced 
accordingly. 

Although there is no assurance that the 100 or 150 year storm will not 
occur within the year following construction, it does evaluate, even for the 
individual owner the “calculated risk” which he is assuming. It is suggested 
that the rates of insurance for wind damage might well be based on the prob- 
able frequency of the design wind velocity. 

The design wind must be described by the following three characteristics: 


1) Basic wind velocity 
2) Gust factors 


3) Variation of average velocity and gust factors with height 


1. Average Velocity and Gust Factor(1,25) 


The basic wind velocity is defined as the one-minute-average velocity at a 
height of 30 feet and the design wind velocity as the basic wind velocity times 
the gust factor. The design frequency should not be greater than once in 100 
years and obtained from wind records over the longest period available with 
a minimum period of 40 to 50 years. The basic height is chosen at 30 feet in 
order to avoid local turbulences due to the ground and immediate surround- 
ings. Minimum design wind velocities in the different parts of the United 
States have been established by the American Standards Association. (27) 

A gust can be described as a localized high wind velocity lasting a short 
time. If a gust of a minimum duration of 10 seconds is adopted, the variation 
of gust factors with height becomes:(1) 


0.0625 


(2) 


Fso = gust factor at 30 feet and recommended to be 1.30 
On the other hand, the variation of wind velocity with altitude and gustiness 
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can be expressed also as a simple relationship combining both effects. 


2. Variation of Wind and Gust Velocity with Altitude 


It has been shown that in general the wind velocity increases with altitude 
to a height of about 1000" above the ground surface. The variation is of the 
following form: (1,2, 


(2) 


Zo = 30 feet 

Z height above the ground 

Vo = design wind velocity at 30 feet above the ground 
Vz design wind velocity at height 


For basic wind velocities lower than 75 Mph, a@ = 0.161 is a good approxi- 
mation(1,25) with due consideration to the effects of gustiness. For velocities 
above 75 Mph and up to 124 Mph the wind may be assumed constant up to the 
elevation where the a-law, starting from a basic velocity Vo - 75 Mph, con- 
trols.(25) Winds of tropical cyclone type over 124 Mph should be assumed of 
constant velocity independent of altitude. It is also recommended that 25% of 
the final wind force be treated as a live load placed wherever it yields maxi- 
mum results (checkboard pattern). 


3. Wind Pressure 


The basic concept of the transformation of wind velocity into pressure may 
be obtained from Bernoulli’s general law for an ideal fluid 


p Ya * Pe (3) 
2 2 


Pi, P2 = pressure at sections 1 and 2 in an airstream 
V:, V2 = velocities at sections 1 and 2 
p = mass density of the air varying with temperature and altitude. 
If the air stream is brought to rest by a surface normal to the wind, V2 
becomes zero and the pressure on the surface becomes pez =p + Pp, and the 
over pressure on the surface, pe-p;, the pressure above that in the free air- 
stream, may be taken as 


= 2 = 2 2 
q 0.002558 v2 #/ft (4) 


where p = .002378 # sec.”/ft* at 60° F and 30 inches Hg. 
However, the wind force, W, on a finite object or structure is modified by 


an aerodynamic coefficient, called the shape factor “C”, which depends on 
the geometrical properties of the object such that 


September, 1957 


Z Cin ft.) 
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FIG.3 VARIATION OF WIND PRESSURE 
WITH ALTITUDE 
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W = C.q.A (5) 


This force is made up of two parts W,, and W, the drag force on the di- 
rection of the wind, and the lift force in Re direction normal to the wind 


respectively 
Wn 
D D 
(6) 
Wr = Cy xqxA 
A = projected area on a plane normal to the wind 
Cp = drag coefficient 
Cy = lift coefficient 


However, test results for structural shapes are generally given with the 
forces acting along the principal axis of the section. 


4. Shape Factors 


a. Individual Members 
Figure 5 shows normal and tangential wind coefficients as determined 
by numerous tests (4,5,6,7,) for typical structural shapes. The coefficients, 
Cp and Cy, in Fig. 1.3a are given for infinite length. The smaller the 
slenderness ratio, A = L/D, of the member, the smaller will be the shape 
factors. The following approximate formula is given by the Belgian Code!®) 
and is in agreement with the Swiss and French codes and test results. 


Ch = K, (7) 


The reduction coefficient, Kj, is shown in simplified form in Fig. 5 for 
practical use. 

For cylindrical members two values are given in Fig. 5. The normal 
value for use in most designs is 1.20. The theoretical shape factor obtained 
for a Reynolds number higher than 5 x 10° is 0.60. 

Reynolds number is the ratio of the inertial force to the viscose force 
which a fluid stream exerts on a body, and is given by 


R=VLV 
where’ v = kinematic viscosity of the air 


Since v varies greatly with the atmospheric pressure and the tempera- 
ture(16) the lower value should be used only with great care. For example, 
at a velocity of 100 Mph, a temperature change from 0°F to 100°F and a 
barometric pressure change from 31"' Hg to 29"' Hg will mean that the limit- 
ing diameter for the reduced shape factor goes from 6.1"' to 9.3''. 

For an Il-beam with wind blowing parallel to the web, the lift coefficient 
should be theoretically 0. However, it seems preferable to use .50 in order 
to include the possibility of a slight change in yaw or skew angle. 

It may be noted that the shape factors for structural members can be 
written approximately as Cp = 2.00 + 10%, and that Cp for round members 
are approximately 2/3 of the above value. The coefficients in Fig. 5 are 


| 
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determined for relatively smooth surfaces. An increase, up to 20%, should 
be allowed for rough surfaces. 


b. Trusses 

When individual members are combined to form a lattice framework or 
truss the total force on the truss cannot be obtained by summing up the 
forces that would have been applied to the various members if they had been 
isolated pieces. Although the determination of shape factors for trusses is 
theoretically more involved, it is still possible to obtain simple relationships 
if the shape factors are given in terms of the solidity ratio 6 = solid area 
divided by the enclosed area of the total truss, as shown in Fig. 6. 

It is interesting to note that the shape factor drops as low as 1.45 for 
normal incidence and 6 between 0.4 and 0.8. 

The curves in Fig. 6 are for trusses of infinite length. The reduction 
factor, Kj, for trusses of finite length are shown in Fig. 7 as a function of the 
slenderness ratio and the solidity ratio. Numerous tests (references 7, 21, 
22, 23) on the variation of drag coefficients of plates as a function of their 
slenderness, generally agree quite well with the curve for 6 = 1.0 (Plate). 

The above curves were first determined by O. Flachsbart and H. Winter(4,7) 
from numerous tests ay erg. at Gottingen. Many of the test results were 
presented in English by Pagon. 20 

The tests on which these curves are based were conducted on trusses com- 
posed by members of various structural shapes (flats) and different sizes of 
connections. The test data obtained by Flachsbart & Winter are in good 
agreement with the curves shown. Besides, Katzmayr & Seitz,(8) also note 
that the shape factor for towers for all yaws (the angle between the wind di- 
rection and a normal to the windward surface of the structure) is independent 
of the variation of yaw (+ 15°) or pressure (+ 30%) with time when these alter- 
nate within a 1 second period. Tests effected in the U.S., 9,15,19 
England, (12,24, 26) France(11,21,22) are also generally in concurrance with 
the data shown. 

Only a limited amount of test data is available for trusses with round 
members. However, from wind tunnel tests on screens(17) shown in Fig. 8 
it appears that the ratio of the shape factors for lattices with round members 
to the shape factors of lattices with structural (or flat) members varies from 
about 0.60 for 6 = o (single members isolated in space) to 0.30 for ¢ = .60 
and then rises again to 1.00 for ¢ = 1.0 (plates). Although this data is not 
directly applicable to structures in the open air it does indicate that the cur- 
rent practice of using 2/3 as the ratio of load between trusses of round mem- 


bers and those of structural (or flat) members seems somewhat on the safe 
side. 


c. Shielding Effect 
When two members or trusses are placed one behind the other, the wind 
forces acting on the leeward member or truss is reduced by the shielding ef- 
fect of the windward structure and may even become negative as shown on 
tests run with plates set closely apart.(21,22 
Because most tests conducted to determine the effect of shielding and the 
shielding coefficient, 7 , have been made for the purpose of bridge design, 


little data is available for towers which normally have ratios ; £ 1.0. 
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However some information is available.(4,7,12) Flachsbart proposed the 
formula 


Ke (1-6)? (8) 


1.0 for lattices covering one another, and 
1.2 for lattices off-set by half a panel 


0.50, the Swiss Code (5) gives a straight-line variation from 


with 


for 


rio AK 
nou 


= 1.0for 6=0.06 to 7 =ofor 6 = 0.60 


The following curve is indicated for ; = 0.50 


= 1.0 (2.2 (9) 


According to the Swiss Code, the same factors may be used for trusses 
and towers with flat (or structural) members or with round members if 
R < 5x 10°. If the Reynolds number is bigger than 5 x 10°, a value of 0.95 
is recommended for any value of 6. 


d. Influence of Yaw 
The angle, w , formed by the wind direction and the normal to the sur- 
face under consideration is called skew angle or yaw. 
The influence of yaw is also affected by the slenderness ratio. Some of 
the first experiments(21,22) conducted in this connection show clearly a wide 


variation of drag for plates. These variations may be covered by an approxi- 
mate formula of the type 


Cp 1.3 with maximum 1.30 (10) 


The curve of Eq. 10 is plotted in Fig. 10. 

The Swiss Code, on the other hand, gives the variation of drag coefficient 
for trusses with 3 different types of members, (a) structural shapes, 
(b) round members, R < 5 x 10° (c) round members, R > 5 x 10°. 

The studies done by the Highway Research Board(1®) indicate that the 
variation of yaw for pony-truss and through truss models do not have a sub- 
stantial effect on the drag force within a range of + 20°. 


e. Towers 
Square Tower 


A square tower, for wind blowing normal to a face, may be — asa 
two-truss structure as the drag forces on the side faces are negligible. 4. 
According to tests performed in England(12) the drag forces on the side faces 
may even be negative and vary between -3.6% and +5% of the total drag 
force. 

Therefore from the data previously established in sections b and c it is 
possible to obtain a “composite” shape factor of the following type for a 
square tower: 


) (11) 
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= shape factor of the tower as a whole 

Cy = shape factor of the front face 

shielding coefficient given by Eq. 8 


Such a curve, modified for low values of ¢ can be written also as 


Cyr = 4e0 for (12) 
and Cpr = 6.662 < (13) 


A simpler relationship may be developed for design purposes in the range 


< 0.4 


Cyr = 4.0 = 56 (14) 


As shown in Fig. 12, both curves have good agreement with the test data.* 
Since the shielding effect of trusses with round and flat members are es- 
sentially the same(5) for R < 500,000, the drag coefficients for square 
towers with round members may be taken as 2/3 of the coefficients for 
square towers with flat members, as in the case of a single truss. Fora 
square tower with a combination of flat and round members, an interpolation 
as function of the ratio of flat areas to round, seems to be a reas@nable ap- 
proach. 

The actual test results pertaining to the influence of yaw lead to the con- 
clusion (4,8) that the maximum drag force for a square tower occurs when 
the wind is blowing along a diagonal. Fig. 14 shows the variation of drag 
force with yaw along a diagonal to drag force for wind normal to a face, v , 
as a simple function of the solidity ratio. A conservative formula for the 
effect of yaw is given by 


This relationship may be assumed to be independent of the type of mem- 
bers, flat or round. For double (angle or other) member trusses. y should 
be increased by 10%.** 


*Most of the tests data were obtained with models having a slenderness ratio 
smaller than 5. The points plotted on Fig. 12 represent these test values 
modified by the coefficient Kj (Fig. 7) for slenderness in order to show 
the test data consistent with the curves for towers of infinite length. 

**The French Code (10) recommends the following coefficients for square 


towers: Concrete tower 7 «if 
Steel tower with single members Y =1.1 
Steel tower with double members Y =1.2 
Timber tower with single members yY = 1.2 
Timber tower with double members y = 1.3 


The explanation for coefficients varying with the material seems to be that 
steel framework in general has lower solidity ratios, 4, than timber or con- 
crete framework. One can then conclude that a variation of y as a function 
of ¢ would be more satisfactory. 

The Katzmayr and Seitz tests, on timber models, are better fitted by 


Y= 1,1 (1.1 + 0.49) (15a) 
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Triangular Tower 


A “composite” shape factor may also be determined for triangular towers 


ST 5 September, 1957 


with wind blowing normal to a face by using a ratio 5 = 0.50 for computing 
the shielding effect on the leeward bracing. In addition the drag on the two 
shielded faces is further reduced as a result of yaw, as follows: 


Cor = Cp cosy) (16) 


Y = reduction coefficient for a truss due to yaw 


For w = 60° and y = 0.80, we obtain 


Cp (1+0.87  ) (16a) 


Following the same procedure as for a square tower: 


Cpp = 3.60 < 0.05 (17) 


= 56782 + 309 0.05 < < 0.50 (18) 


or for design purposes: 


Crp = 3.65 - 4.65 (19) 


For small values of 9, the values obtained above are conservative, particular- 
ly if the truss is made up of heavy chords and light lattice members. Few 

test data afe available for triangular towers, particularly concerning the in- 
fluence of yaw. From the actual data, it appears that the biggest drag force 
is obtained when the wind is blowing normal to a face, as shown on Fig. 14.* 


Slenderness Ratio 


Although most towers may be considered of infinite length, a reduction due 
to a low slenderness ratio could become effective particularly for high values 


of the solidity ratio 6. Then the coefficients given for single trusses on Fig. 
7 still apply. 


Effect of Additional Members such as Pipes, Ladders, etc. 

In addition to the structural members of the tower itself, most towers sup- 
port conduits, pipes, ladders, lift rails, etc., either on their faces or in the 
interior. The influence of shielding on, or as a result of such members may 
be neglected in most cases and their wind loads computed from their indi- 
vidual shape factors and projected area. 


f. Guys 


In the case of guys and wires, the wind force is resolved into two com- 
ponents, one, the “drag,” acting in the plane of the wind and the guy and in the 
direction of the wind, the other, the “lift” acting in the same plane, but normal 
to the direction of the wind. 


*For triangular towers, the French Code gives for any type of material 
y = 1 for lacing with single members 
y = 1.1 for lacing with double members 
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The resolution of the wind forces as shown on Fig. 1.14a and 14b for wind 
in and at an angle, #, to the vertical planes of the guys, is done by using the 
average direction of the guy as given by the direction of the chord. Relative- 
ly simple geometrical relationships can then be developed to get the forces 
on the structures to which the guys are attached. 


The drag and lift coefficients(14) as shown on Fig. 15 concur with test data 
from other sources. (21,22,2 


5. Dynamic Effect 


Although a succession of gusts can induce oscillations in the structure due 
to a periodic variation of the intensity of pressure, there is only limited con- 
firming data (18) in this connection. Another cause of vibration is the shift- 
ing of vortex under constant wind flow, the “Benard-Karman Vortex.” Cylin- 
drical shafts may also be subjected to dynamic “ovalling.” 

If the periods of the gusts or the vortex shedding (29,30) approach the 
natural frequency of the structure, damage and even failure may take place. 
After study of previous wind records, two towers were erected in the Far 
East such as to avoid a natural frequency between 4 and 8 seconds and they 
withstood many heavy typhoons every year 18 although previous towers had 
collapsed, apparently from the periodic nature of the gusts in these storms. 
According to Irminger and Noekkentved, periods of such structures as tall 
towers, should not exceed 3 to 4 seconds. 

Similar types of dynamic effects should be considered for the guys: 


a) Loose guys—Galloping due to erratic gusts on long period members, 
low frequency vibrations. 


b) For tight guys—the Karman-effect, high frequency vibration. 


A secondary effect of dynamic loading is the fatigue to which are subjected 
the connections, particularly when weakened by insulators. High frequency 
vibrations can be minimized by installation of vibration dampners. No 
obvious remedy is available for the low frequency oscillations. 


6. Design Loading 


After fixing the wind velocity, the shape factors and the projected area per 
unit vertical height, the total wind load per unit height may be determined as: 


W = C.q.A (5) 


shape factor 
velocity pressure 
projected area 


Because of the variations of these quantities with height, the resulting 
values will generally give an irregular curve which may be modified to yield 
simple uniform or trapezoidal loadings for each span. 

Following the recommendations previously quoted, 25% of the above wind 
load should be treated as a live load. For a tower guyed at two levels, 

5 loading cases should be considered as follows: 


Case (a): Full loading. The maximum deflections of the whole tower will 
be obtained. 
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Case (b) & (c): Maximum positive moments and maximum shear on the 
footing. 

Case (d) & (e): Maximum reactions at the guy levels, thus maximum guy 

tensions and maximum distortion of the shaft. Maximum 

moment at the guy levels. 


Case (a) is generally used to determine the location of the guy levels as 
well as the size and inclination of the guys by trying to get a linear displace- 
ment of the shaft. The other cases would yield maximum moments at differ- 
ent locations if the shaft was on rigid supports. Because of the influence of 
the elasticity of the guy supports and the secondary effects resulting from the 
distortion of the shaft and the eccentricity of the resultants of the guy forces 
at the various guy levels, which cannot be estimated in advance, the loading 
for producing maximum stress cannot be accurately predetermined. How- 
ever, because of the nature of the problem, the recommended procedure is 
considered adequate, except that the cantilever and its connections should be 
designed for 125% of the basic load. It will be shown in a subsequent paper 

that the cantilever and its connections are often the weakest parts of a 
guyed tower and that failure of the cantilever may result in the progressive 
failure of the remainder. 

It can be shown (33) that, the wind direction producing maximum values in 
the shaft of a triangular tower is normal to a face. For a square tower the 
maximum wind force is obtained with the wind blowing along a diagonal. This 
condition produces maximum guy tension and shaft deflection. However, 
since the increase in wind force for a square tower is a function of the solidity 
ratio, maximum moments in the shafts of towers with low solidity ratios may 
be obtained with the wind direction being normal to a face. 


1-7 Ice Loading 


The accretion of ice on the structure has a double effect: 


a - an increase in weight 
b - an increase in area subject to wind pressure. 


Both effects are important particularly for towers with thin members, as 
rods and pipes. The first of these effects is readily estimated. 

On the other hand, the effect of increased area is partially compensated 
by the reduction in shape factor caused by increasing the solidity ratio as 
shown in Fig. 12. 

However, the wind velocity associated with the ice loading is often less 
than the maximum velocity for the given locality. 

This should be carefully reviewed before establishing the design criteria. 

The accretion generally recommended varies between 3/8"' and 1/2"'. 
Canadian specifications(31) neglect the ice accretion on the guys, this accre- 
tion being generally destroyed by the unavoidable vibration of the guys. 
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FIG. -16a@-WIND IN VERTICAL PLANE 
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DESIGN OF MULTI-LEVEL GUYED TOWERS: 


Structural Analysis 


Edward Cohen,! M. ASCE, 
and Henri Perrin2 
(Proc. Paper 1356) 


INTRODUCTION 


The intensity and direction of the wind forces having been determined in 
an earlier paper\’’, it is now possible to analyze stresses and displacements 
of the tower. 


The structural analysis of a multi-level guyed tower consists of 6 steps 
as follows: 


1. Analysis of the shaft considered as a continuous beam on rigid sup- 
ports. The reactions of the guys, the ice load and the dead weight of the 
tower act as axial forces. These forces are of such magnitude that they 
should be considered and the shaft analyzed as a beam-column. 


2. The inclined guys provide elastic supports at their attachments to the 
shaft and the stiffness or spring constants of the supports must be de- 
termined because the spring constant is not a constant for all values of re- 
action and deflection but can be approximated as such, within a short range 
around the working loads, the first step was necessary in order to determine 
the range in which the reactions vary at each guy level. 


3. After determining the spring constants, or the resultant horizontal re- 
action of each set of guys per unit deflection of their upper connection, the 
shaft will be re-analyzed as a continuous beam-column on elastic supports. 


4. Two secondary effects are also considered, under wind. 
a. First under wind action the forces acting in the various guys at- 
tached at the same level become unequal and the resultant of the 
Note: Discussion open until February 1, 1958. Paper 1356 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, Vol. 
83, No. ST 5, September, 1957. 
1. Associate, Ammann & Whitney, Consulting Engineers, New York, N. Y. 


2. Senior Designer, Ammann & Whitney, Consulting Engineers, New York, 
N. Y. 
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guy forces at any guy level is eccentric with respect to the 
centroid of the shaft. A moment is thus introduced at every guy 
level. 


. The second effect is due to the distortion of the shaft. Although it 
is desirable to design the tower so that under maximum wind load- 
ing the deflection at all guy level are collinear, the stayed points 
are not collinear under other loading conditions and a distortion of 
the shaft takes place. The axial forces in the shaft which are main- 
ly concentrated at the guy level become eccentric with respect to 
each other and additional flexure is introduced. 


5. If the wind forces are eccentric with respect to the axis of the tower 
because of unsymmetrical exposed areas from pipes or ladders, a torsional 
effect is induced in the shaft. Such effects should be considered for structur- 
al requirements and also to determine whether the tower requires a stiffen- 
ing of the structure against too large rotations. 

Although many methods could be applied(6, 8, 13, 14) for the analysis of 
the shaft, the moment-distribution is used in the following pages for the 
purpose of simplicity. After briefly reviewing the fundamental equations ap- 
plying to the ays a graphical solution to determine the spring constants will 
be developed. 5, 7) 

The three factors: elasticity of the supports, eccentricity at the guy con- 


nection and distortion of the shaft, will finally be included under the general 
form. 


Sp; = final reaction, including elastic supports and secondary effects 
at guy level j 


So; = reaction found for the shaft on rigid supports at guy level j 


(7 = final deflection of the support j 

Kj = spring constant of the elastic support at guy level j 

S25 = force at guy level j per unit displacement at level K, including 
the effect of the stiffness of the shaft, the moments due to the 
eccentricity of the Vertical component of the guy reactions at the 


various guy levels and the effect of the axial load on the distort- 
ed shaft. 


Such an equation will be found for each guy level, thus giving a system of 
n linear equation with n unknowns, the final deflection and reactions. It is 
then possible to compute all the required moments, shears and thrusts. 


1. Guy Analysis 

The guys consist generally of inclined high strength wire bridge 
strands. These guys are attached to a concrete or other anchorage at their 
lower ends and to the shaft at the “guy level” at their upper ends. One, two 
or more guys are attached to the same leg at a guy level, thus giving either 
3, 6 or more guys at every guy level of a triangular shaft. 

Because the guys act as elastic supports for the shaft when it is sub- 
jected to lateral wind loads, it is necessary to determine their stiffness. A 
brief review of the useful relationships pertaining to the analysis of hori- 
zontal guys is presented first and then extended to the case of an inclined 
guys. 
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a. General equations for a horizontal guy (4) 


The equations of equilibrium of the element ds shown on Fig. 2 
are: 


V- wdx (3) 
and 

V-Htang-H (3a) 
where w is the load applied on the element ds and can be a function 


of x, and H is the horizontal reaction of the guy. 
From Eq. 3: 


dx (4) 


and by differentiating Eq. 3a with respect to x, the general differ- 
ential equation of the guy becomes: 


wi dy 
H (5) 


If the load is uniform along the guy, as in the case of dead weight, 
the integration of this differential equation yields the equation of 
the catenary. 


y= £2 (cosh (6) 


For a horizontal uniform load the integration of Eq. 5 gives the 
equation of the parabola 


It can be shown that this equation represents the first term of the 
expansion of the catenary and is a sufficiently accurate approxi- 


mation of the catenary if the sag ratio = = is smaller than 1/10. 


Since not only the dead weight, but also the ice and wind loads, 
whose distribution along the guy can only be roughly approximated, 
act on the guys, it is reasonable to use the parabolic form for de- 
veloping the necessary design equations. 


Referring to Fig. 3 the relationship between horizontal thrust, sag 
and load becomes 


_ Qc 
(8) 


with W = 2Q 
W = total load applied on the guy 
c = chord length 
A = sag 


al. Length of guy 
The length obtained by integrating ds along a parabola is 


2 
Se) (9) 


£ =c(/+ 
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FIG. 2 
ELEMENT ds OF A GUY 


FIG. 3 
DISPLACEMENT OF A CONNECTION OF A HORIZONTAL 
GUY 
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a2. Stretch 
The elongation due to a change of tensile stress dH is: 
cdH 
e=— 
(1+ / (10) 
The change in length for a temperature change, 4 7 “is: 
8A* ° 
=€,.€(7 + j.at (11) 
€ = coefficient of thermal expansion of the guy 7 
a3. Change in chord length as a function of change in guy 
tension \¥> 
The sag A can be expressed as a function of H, the hori- 
zontal tension in the guy, and the Eq. 9 becomes: 
_, 24H? 
W* (9a) 
The change in chord length dc, becomes after differentiating 
with respect to H and neglecting the sag ration terms. 
2 
de * KE (12) 
where Hj = final tension in the guy 
and Hg = initial tension 
Similarly with Q = W 
2 
ae (4-H) (12a) 
b. Inclined Guys 
The equations previously given for a horizontal guy are valid for 
inclined guys if they are written as functions of the sag normal 
to the chord. 
bl. Horizontal motion of the top connection of a single inclined guy 
Ay =A cose (13) 
(7 - %) seca (14) 
Goosat7,* AE\" 
Q is the reaction normal to the chord and T the average 
tension acting at the center point. 
b2. Correction for change of angle of inclination: 
A change of angle — Ao is introduced by rotating the chord 
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from A to A’. Neglecting the terms of second order the final 
equation becomes: 


Yan 


The correction factor is negligible for values of T not close to 
zero, and its effect on the final maximum stresses and dis- 
placements for the values of the average tension close to zero 
is negligible for the purpose of this analysis as will be shown 


later. The final equation, including temperature change, be- 
comes: 


4a 7,7 (7 secu 
8An 


+€,Alh tank + 


4, tanx (15) 


For the case of a tower, where 3 or more guys are attached at 
the same level, the secondary effects for temperature change 
in the guys and the shaft practically cancel out as far as motion 
of the tower is concerned. Final tensions in the guys and the 
shaft are slightly affected. For the purpose of this analysis, 
the equation (14) is fully satisfactory. 


Tension in the guys as a function of the load applied on the guy 
By equating 9 and 10 we get the relationship: 


7° +TYL,-¢)- (16) 


which can be closely approximated by 


UL, = (17) 


where Lo = unstretched length of guy. 

These formulas are valid for any direction of loading with 
respect to the guy if the normal component to the chord of Q 
is used. The component along the direction of the chord af- 
fects the value of tension. The tension at the middle point or 
average tension, T, to which the formulas refer, remains un- 
affected, but from the middle point to the connections the com- 
ponent of tension along the chord is increased or reduced from 


the average tension at each point below or above the midpoint 
respectively. 


™ 


cl. 


c2. 
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The variation of guy tension due to a change of loadings ap- 
plied along the guys without motion of the end points is im- 
portant. The effect of this variation is further increased when 
combining windward and leeward guys to obtain the resultant 
reaction at the guy connection, since the variation itself, as 
defined by Equation 14 is quite different, for each, the leeward 
guy following Hooke’s law c.T more closely than the wind- 
ward guy. K.E. 

The new guy tensions with the connections fixed in space, 
are determined by adding the (drag and lift) components of the 
wind forces normal and parallel to the chord, to the existing 
dead weight and ice load. 

The effect of variation of wind velocity with height along the 
guys is neglected and its effect approximated by using the ve- 
locity at the elevation of the center points of each guy. 


c. Motion of upper guy connections for 3 guys arrangement 
The behavior of a set of guys attached at the same level can now 
be investigated in order to determine the spring constants for the 
elastic supports of the shaft. 


Geometrical considerations: Although all the guys meeting in 
any one connection at their upper points may be stretched by 
different amounts, these points must move as a unit. By neg- 
lecting terms of the second order, or graphically by using 
tangents instead of arcs as shown on Fig. 5 the following re- 
lationships can be developed: 


dy+dx =dz 
dy - dx =dp V3 


tanu a8 


For the particular case of wind blowing normal to the face XY: 
dx =dy 
2Ldx =dz 
dp -lanu-O (18a) 


This means that the displacement dz of the leeward guy con- 
nection in the direction of the leeward guy is equal to twice 
the displacement of a windward guy, dx. The displacement of 
the connection is equal to dz. 


Determination of the displacement of a 3 guy connection due 
to a horizontal load applied at the connection 

The graphical determination of the motion of a connection 
will be developed for the case of wind blowing normal to the 
face of a triangular tower, the stiffness of the tower being 
omitted in this step. The same procedure may be applied for 
towers of either triangular or square cross-section and with 
the wind blowing in any direction. 

The two required conditions of equilibrium are: 
1. Compatibility of displacement of windward guys and lee- 
ward guys. 
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2. Equilibrium between external and internal forces. 
To satisfy these requirements, the displacement of the 
guys—windward and leeward—will be plotted as a function 

of the tension in the guys. 


From the preceding relations (18a) and using equation 
(14): 


1356-11 


4a, being the displacement of the set of windward guys as a 
function of their tension, and Aag, the displacements of the 
leeward guy as a function of its tension. 

The two preceding conditions will be fulfilled when 


(20) 


by applying the following procedure: 


1. Aa, and Mag being plotted with respect to a set of coordi- 
nates, the abcissa axis is shifted, parallel to itself, and 
drawn through the value of initial tension plus wind loading 
of the windward guys. The final displacements will be 
measured from this new position of the abcissa axis. 


2. Aag will then be plotted symmetrical about the abcissa axis 
going through the point of initial tension due to dead load 
only of Aaj (mirror image). 


3. The external force, S/cos a, is plotted, by trial and error 
between the two curves obtained above. 

The points determined on the two curves satisfy both con- 
ditions: compatibility of displacements and equilibrium of 
forces. The ordinate obtained is the displacement of the 
shaft at this particular guy level. The external force is 
distributed between windward and leeward guys, increasing 
and relieving their stresses respectively. 

(It should be noted that the external force is used in the 
form S/cosa@, where S is the horizontal force applied at the 
guy level as will be obtained from the analysis of the shaft 
plus the reaction due to the wind blowing on the guys. For 
the purpose of obtaining the spring constant for the shaft 
analysis, the reactions obtained from the analysis of the 
shaft on rigid supports may be used.) Since the equations 
(19) are functions of the variation of tension in the guys at 
their center point where the direction of the tension is 
parallel to the chord, the external force has to be considered 
as the projection of the difference of tension in the guys and 

inversely, S/cos & will be consistent with the functions used. 
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Since the load applied on the guy is constant during the 
preceding procedure, any change in tension at the center 
point is equal to a proportional change in the horizontal 
component at the connection. 

Therefore, it is possible to equate the external force act- 
ing at the connection, with the change in tension at the 
center points of the guy 

ATcosK (21) 
c3. Effect of Wind Load Along the Length of the Guy 

The particular effect of the wind along the guys will now be 
examined. 

The wind load is assumed to act on the guy as a uniform 
load. This load, changes the effective load per foot on the 
guys and thus alters the function expressing displacement 
versus tension as well as the value of the tension in the guy 
before any motion of the tower. Because of this change in the 
initial tension the tower would deflect into the wind if wind 
forces were applied only to the guys and not on the shaft. This 
is due to the relieving effect on the stress of the leeward guys 
and the increase in stress of the windward guys. In other 
words, the final effect of the wind on the guys is to increase 
their resistance to the motion of the shaft. If this effect were 
neglected the final deflection of the shaft could be 40% bigger 

in some instances than if it were included. 


d. Distribution of the applied force into the windward and leeward guys 
The external force, S, is distributed between the two sets of guys, 

windward and leeward. Taking Tj = increase in tension in the 

windward guys and T, = relief in the leeward guy 


Cos x (22) 


and by equating equations (19) 

G, 7,°+G, 7;"+G, T;°+G, (23) 
where 

G,=1.57, Ie 

(121, -76)-7 

(41, +26) + (26 ~41.) 

2 4 3 3 2_ 9-2 
(31.°-/06 1, +96 1.) (24) 
(21,-G) 
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The coefficients Gj, Gg, Gg, G4, Gs and G¢ are thus functions of c, 
Q, A, E, cos@ all known values and of S, the applied load. How- 
ever, the functions Sj = T;cos@ and S, = T,.cos@ shown on Fig. 8, 
are easy to draw with the help of the asymptotes: 


S, cosa 


1, cosa (25) 


where |, - initial tension with dead load only. 


e. Determination of the spring constants for the analysis of the shaft 


The spring constant is defined as the external forces which pro- 
duces a unit displacement at a guy level. Although the external 
force, S, is not a linear function of the motion of the guy level, it 
may be approximated as such, within the range in which the re- 
action, S, varies. 


K =e tanX (26) 


as shown on figure 9. 


2. Analysis of the shaft on rigid supports 

Because of the important influence of axial load and the desirability 
of slenderness, the shaft is analyzed as a beam-column. For trussed 
shafts, the moment of inertia of the section should be reduced accord- 
ing to the magnitude of the shear deformation of the lacing. Generally, 
the variation in any span of the size (or diameter) of the legs will have 
only a small effect on the relative stiffness and may usually be neglect- 
ed.* 

The vertical loads which consist of the dead weight of the structure, 
ice load and the vertical components of the guy forces are assumed to 
be concentrated at the guy level for the sake of simplicity, the error 
being of small magnitude. 

Analysis of the shaft follows the general principles and procedure 
of moment distribution. However, the fixed end moments and coeffici- 
ents, stiffness factors and carry-over factors are modified by the 
slenderness and axial load in each span of the shaft as a function of 
L/j, where L is the span length and j = VEI , where P is the axial 


force and EI is as normally defined. The required factors for the 
analysis of end moments are given in Fig. 10a. Moments along the 
span are given by 


M =C, sin = + C, cos *- +f(w) (27) 


*However, if the variation in size of the legs is such as to give effective 


— beams, the coefficients given below have to be modified according- 
ly. 
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The coefficients for the most typical cases are given in Fig. 10b. 

The foregoing is treated in greater detail in ref. 3. 

Although the vertical components of the guy forces are variable, 
depending on the amount of tension in the guys, this variation has only 
a small effect on the coefficients used for the moment computations 
and may be estimated from a preliminary analysis. 


3. Analysis of the shaft on elastic supports 

The shaft may now be investigated as a continuous beam-column on 
elastic foundations. The effect of the axial loads in combination with 
the differential displacements of the guy connections (distortion of the 
shaft), will be treated separately in the next step and then integrated in 
the general solution. This problem has been treated by previous 
authors, with emphasis on elastic stability 15, 16). However, the fol- 
lowing procedure will enable the designer to determine the relative in- 
fluence of all effects and compute the final stresses, including the ef- 
fect of axial load. The actual factor of safety may be computed in 
terms of load factors applied to the wind and dead load. 

The general equation for a continuous beam on elastic supports for 
the guy level j is: 


Sj = Kj -EK (28) 


with Sj = reaction due to wind pressure at level j, computed with the 
shaft on rigid supports and including wind on the guys 


(; = final motion on the level j 
Kj = spring constant of the guys at level j 


Xj, = reaction at level j due to a unit displacement of the shaft at 
level k, all other supports being held. The coefficients X;, must be 
determined first, after which equations (28), one for each guy level, 
can be written: 


For a tower with n guy levels the system of equations is 


C4, Xz, + -K, X,, =- Sz 


(29a) 


It should be noted that the system of n linear equations with n un- 
knowns thus obtained is symmetrical. In other words, the determinant 
of the coefficients is symmetrical with respect to its diagonal. The 
resolution of such a system could be very easily done by means of the 
Gauss’ scheme (17). 
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The moments induced in the shaft by unit deflections at the various 
guy levels are computed in the process of determining the coefficients 
Xj,- These moments will be used with the final deflections obtained 
from Eq. (44) in order to obtain the final moments. 


. Effect of the eccentricity of the vertical component of the resultant of 
the guy forces at each guy level 

The centroid of the vertical components of the guy forces at each 
guy level will not be coincident with the center of gravity of the tower 
cross-section under wind loads. The resulting moment depends on the 
change in the guy tensions and a direct relationship between the 
moment and the external forces applied at each guy level will be de- 
veloped below. As shown on figure Fig. 11 for wind normal to a face: 


AV, = tanx for the windward guys (30) 


AV, =5, tanx for the leeward guy (31) 


where AV is the change in vertical component of guy tension due to 
wind load S 


S =Si+Sr (22a) 


applied horizontal reaction obtained from the analysis of the shaft on 
rigid supports plus one-half the total drag force acting on the guys. 


b is the altitude of the triangular cross-section and & the angle of 
the guy chord with the ground line. 


Then M, AV= 4-65 lanx (32) 


is the external moment which would exist if the tower were on rigid 
supports, and is a linear function of the applied horizontal reaction: 


Mg = B.S 


(33) 
with B -5 b tan@, constant value for every guy level. It is then pos- 


sible to define a set of coefficients Y;,, of the same type as Xj, found 
for the beam on elastic supports. This new coefficient will be de- 
termined by computing the reaction acting at each guy level K due to a 
unit force applied at the guy level j and producing a moment Mg = B. 
Since the final reaction is S¢j = HjKj the reaction due to the eccen~ 


tricity of the vertical component at the guy level j is Yjk4jKj and the 
equation (1) becomes: 


Se; = Xin aA, (34) 


Ly 
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M4; Yin, A = (35) 


A moment distribution for every guy level had to be effected in 
order to determine the coefficients Yj, and the moments thus obtained 
will be used for the final values of the moments. 

The final moments in the shaft due only to the eccentricity of the 
vertical components are given by the following relationships: 


BS¢j = Mpj = Mij pert + Mij right (36) 


with Ss; = final reaction of the level j obtained from eq. (44) and (1). 
My; = final external moment at level j 


Mjj = Mgj distributed at left—or right of the support 


2 
(37) 


where Mijeft is the final distributed moment at left of the support and 
will be added (or subtracted) from the final moments obtained in the 


last step of the analysis. A similar expression is obtained for Mj 
right. 


. Effect of the distortion of the shaft 

Since the deflections at all the guy levels are not collinear for all 
loading cases, the secondary effect due to the vertical loads acting on 
a distorted shaft has to be investigated. The vertical loads consist of 
the dead weight of the shaft and of what it carries, of ice load and of 
the vertical components of the guy tensions. 

Equilibrium at every guy level is obtained by introducing horizont- 
al holding forces. As shown on fig. 12a, the span 1-2 is isolated in 
space with one end pinned and the other restrained in the horizontal 
direction. 


The vertical settlement is neglected and the following relationship is 
obtained: 


(38) 


The term has Pecan be neglected due to its small magnitude and the 
load £4 Passumed to be concentrated at the guy level when investigat- 
ing the span below. A set of coefficients Z;, will now be defined. 

A unit displacement is assumed at one level at a time with hinges 
at the given level and above and below. The Axial loads then are ap- 
plied on the distorted shaft. Reactions, one at the guy level investigat- 


ed and one at each adjacent guy level, are thus determined. The co- 
efficients Zj, become: 


(39) 
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where P; , ; is the total vertical load applied at the level j +1. This 
total vertical load is not constant but varies with the wind loading. 


where Ppy,, is the total dead load and Pyy, the total ice load above the 
level j + 1. 


V,, is the total vertical load due the guy forces at the level j + 1 
and the above levels. 


n n 
2 Vin = & +E BV, (41) 
where Vo is the vertical component of the initial tension of a guy, and 
and A V_are as defined in Eq. (30) and (31). The variation of 
( 24Vx-Vz ) due to a guy level only, is shown on Fig. 13. 

Since the resolution of the final equations will become too involved 
by using variable coefficients Zik> constant values have to be used. 
For this purpose, the asymptote 


V2 S tana 


(42) 
for S>5 Ip cosa 


can be used to determine the amount of vertical force due to a given 
wind force S at a guy level. The value of S should be chosen as the 
highest obtained from the various loading cases and I, is the initial 


tension in the guy. The error thus introduced is of negligible magni- 
tude. 


5a. Final equations 
The final equations, taking into account elasticity of the supports, 

eccentricity of the vertical forces at every guy level, and distortion of 

the shaft may now be written as: 


Jtl,n 


(Xj K; + Zi -K;) k (x;, Ye 4K, 25.) (43) 


which gives a system of n linear equations with n unknown of the type. 


with (; = final deflection of the support j 


Qig= force at guy level j for a unit displacement at level K includ- 
ing all the effects previously described and 2, ,= Same as 


“jk? 
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but including also the term Ky, spring constant at the level K. 


The final deflections ¢<; are obtained from the system (44) and 
then the final reactions = 


(1) 


. Final Moments 
The moments due to the elastic deflections of the supports are 
readily obtained by multiplying the final deflections by the moments 
due to unit deflection at each guy level. 
The final moments are computed by superimposing on the moments ob- 
tained from the analysis of the shaft on rigid supports, those due to the 
elastic deflections obtained in the foregoing and those due to the eccen- 
tricity of the vertical component of the resultant of the guy forces. 
The maximum moments in the spans are obtained using beam-column 
methods which take account of the effect of the axial loads. It may be 
noted that the effects of transverse loadings and moments may be 
superimposed. The full axial load should be used in computing the ef- 
fect for each of the loadings. 


6. Torsion 


Torsion of the shaft may be caused either by non-symmetrical wind 
loading on the shaft, due to unbalanced projected areas such as pipes, 
ladders, etc., or by the guy forces if the wind does not blow along an 
axis of symmetry of the cross-section. In the latter case, the guys 
are slightly displaced from their vertical plane and the horizontal 
component of the tension no longer intersects the axis of the shaft. 

The total torsion moments above, below and at each guy level are 
computed by assuming the shaft to be held against rotation about the 
vertical axis at each guy level. Then, a distribution of the moments 
follows by relaxing the guy levels. The carry-over factor is equal to 


1 and the distribution coefficients are determined from the stiffness 
factors. 


a. for the guys: 


K, (31, cosx +25; - S,) (45) 


Kg is the resisting moment developed by the guys due to a unit dis- 


placement t = 1 of the legs, as shown on Fig. 14, and Io, Si, Sr are 
as previously defined. 


. for the shaft, below or above the guy level 


(46) 


b is the altitude of the triangular cross-section and Ks is the re- 
sisting moment developed by the shaft due to a unit displacement 
t = 1 with Pu as the force producing a unit displacement of one face. 
The face is assumed to be free at the guy level investigated and 
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fixed at the guy level, below or above, when computing Pu for the span 
below or above respectively. The force Pu is applied at the guy level 
investigated and in the plane of the panel or face. For the determi- 
nation of Pu the panels are considered independent of each other. 

The panels are assumed to resist a motion only in their plane and 
to have no rigidity for any other motion or rotation. 

The rotation of the shaft as a unit, about its own vertical axis is: 


(47) 


The above coefficients are defined for a triangular cross-section. The 
same procedure applies for any type of cross-section. 
The distribution coefficients at a guy level become: 


r 


$ Kj+ Ke, 


pt being the coefficient of distribution for the upper span. Similar re- 
lationships are estabilished for Db , distribution coefficient for the 
lower span, and Dg distribution coefficient for the guys. The sum of 
all these gives 1. The same procedure as for a moment distribution is 
then followed. The final torsion moments will introduce additional 
stress in the guys and the lacing of the shaft. Depending on the ar- 
rangement of the lacing, stresses may occur in the legs locally between 
the lacing connections. For the case of double lattice webs on all 
faces, no stress will occur in the vertical legs. 


(46) 
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SYNOPSIS 


Different attitudes toward university research in structural engineering 
are considered. The writer sets forth his own views with particular refer- 
ence to three categories of research. These categories are defined and con- 
sist of analytical, experimental, and design research. The writer’s views 
are illustrated by specific examples of each kind of research. 


INTRODUCTION 


Research in structural engineering, as in other fields, is receiving in- 
creasing attention from industry, government, and universities. Differences 
in view, however, exist among these groups as to the kind of research con- 
sidered desirable or appropriate for universities to engage in. Similar dif- 
ferences at times exist as to the objectives and the conduct of such research. 
It is with the hope of stimulating a discussion among the engineering and 
teaching professions and to clarify some of these views that the writer sets 
forth his own views in regard to university research in structural engineer- 
ing. These views are illustrated herein by specific examples of such re- 
search. 

Before proceeding with these examples, our concept of structural engi- 
neering and of research in this field is briefly presented. 


Structural Engineering 


Structural engineering is of direct interest to all fields of engineering, as 
well as to architecture. It has been and will remain an important core of 
civil engineering. Structural engineering consists of planning, designing and 
constructing all forms of structures, such as bridges, building, and dams; 
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ships, trains and aircraft; and docks, aqueducts and storage vessels. These 
and other structures are part of the physical plant needed for shelter, work 
and recreation; sanitation, irrigation and transportation; and power develop- 
ment, industrial manufacture and communication. 

All kinds of materials have been used for such structures. Included are 
raw materials such as stone, earth, clay, and timber, and processed ma- 
terials such as concrete, plastics, steel and other metals. The properties 
and behavior of these materials are of direct concern to the structural en- 
gineer in his designs. Of interest to him are the mechanical, chemical and 
physical properties of the materials, and the relationship of these properties 
to the structure of materials. The mechanical properties are of particular 
interest to the structural engineer. 

In engineering, evidence is gathered from various sources, namely; 
analysis, experiments, experience and imagination. Each of these sources is 
important and is represented in the educational programs, research in- 
terests and professional activities of university faculty. This representa- 
tion differs among the various universities and is dependent on many factors. 
Among such factors are size, tradition, responsibility, location, and source 
of support at the respective university. In any case, the primary responsi- 
bilities of each university are education and research. By academic tra- 
dition, these are considered to be the direct responsibilities of faculty. And 
at most universities, the research interests of faculty are an integral part of 
the educational programs, particularly graduate. This needs to be fostered 
in future plans of universities if teaching is to continue to be based on inquiry 
and study. 

At the University of California and elsewhere it is expected that every 
faculty member will be active in some form of research within his major 
field of interest. It is recognized that research productivity and publications 
in themselves are not a reliable measure of a man’s ability to teach well. 
However, it is also recognized that progressive and inspirational teaching is 
rarely, if ever, accomplished by a faculty member not engaged in some form 
of active research. Therefore, research activity and productivity will always 
be significant measures of faculty performance. It would be unfortunate, 
however, if improper distinctions were made between productive scholarship 
and active research. The latter at times can become confused with pro- 
motional endeavors. 


Categories of Structural Research 


In this discussion, research in structural engineering is considered for 
convenience to be in any of three categories, namely; analytical, experimen- 
tal, or design. Although each of these categories is to be considered sep- 
arately, each is usually associated with the other categories. As indicated 
above, these categories are represented to varying degrees at various uni- 
versities. For example, at the University of California the interests of the 
structural group are about evenly divided among the three categories. Each 
member of the group in structural engineering has a particular interest in 
one of these and, to some extent, in the other categories. This is reflected 
in the graduate program, publications of the faculty, and membership in 
committees of technical societies. A distribution in interest is considered 
desirable for the group in structural engineering. This does not mean that 
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each member of the faculty is expected to participate in each of the above 
categories, nor does it mean that each member needs to select a narrow 
topic for his specialization. It is recognized, however, that at each particu- 
lar time it is advisable for faculty to concentrate their attention on selected 
topics in order for definiteness and continual productivity to be achieved. 
This may be done singly or by group effort and may receive support from the 
University, industrial organizations, governmental agencies or technical 
councils, foundations and societies. 

At other universities with which the writer is familiar, particularly those 
with whom he has been previously associated, each of the above categories 
is represented to about an equal degree by each individual participating in 
the structural program. This also is reflected in the educational programs, 
publications of the faculty, and representation on committees of technical 
societies. At these places, the responsibilities of a faculty preclude the pos- 
sibility of a faculty member representing but one discipline of thought or 
specializing in but one aspect of structural engineering. However, at still 
other universities it is considered desirable to have a single man represent 
a single discipline in which he may gain considerable renown. The above 
examples are given to illustrate differences in responsibilities of individuals 
and organizations and not necessarily in their relative merits or standings. 
In any case the writer cannot refrain from noting that neither an emphasis on 
specialization nor on diversification will ever abolish the need for men hav- 
ing various or different talents. 

Mention is made of other categories of research which are reflected more 
frequently in liberal arts than in engineering. The latter include research in 
history, sociology, economics or government with particular reference to 


engineering. Excursions in such research, commonly called scholarship, 
are considered by the writer to be admissible. However, in this paper, par- 


ticular attention is given to the analytical, experimental and design aspects 
of structural research. 


Analytical Research 


Analytical research in structural engineering includes the areas of struc- 
tural mechanics, mechanics of materials, and theory of structures. Struc- 
tural mechanics is primarily concerned with the static and dynamic behavior 
of structural elements subjected to diverse systems of forces. The princi- 
pal areas of investigation include the analysis of stress, deformation, sta- 
bility, deflections, and vibrations of structural elements. Each of these areas 
is considerably broadened by inclusion of such conditions as non-linear be- 
havior arising from material properties or from large deformations. The 
methods of analysis employed in structural mechanics are principally analyt- 
ical, although model studies, analogue solutions, and methods of experimental 
stress analysis are used when feasible. The particular subject areas most 
frequently involved are the theories of elasticity, plasticity, elastic and in- 
elastic stability, plates and shells, and vibrations. Each of these theories is 
based on assumptions concerning the properties of materials. The determi- 
nation of actual properties of materials and the formulation of theories con- 
cerning material behavior are represented in the general field of mechanics 
of materials. 

An important aspect of analytical research is to develop and apply new 
methods suitable for obtaining solutions to problems in structural engineering. 
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Such activity involves acquaintance with and development in the field of math- 
ematical physics. A corollary part of this phase of research is the solution 
of previously unsolved problems in structural engineering. Another function 
of analytical research is to correlate and refine existing analytical methods 
for optimum professional utilization. Finally, the analytical approach is 
frequently necessary to extend and correlate the results of experimental re- 
search. This is particularly true with respect to studies of the influence of 
certain variables on structural behavior. 

The responsibility for pursuing analytical work and obtaining results of 
such research for use in the profession can be discharged by faculty in sev- 
eral ways. Individually, a staff can pursue such problems as may be of par- 
ticular interest to each faculty member. Perhaps the majority of analytical 
research is conducted in this manner. In the event that a problem of suffi- 
cient magnitude in either scope, complexity or urgency arises, a group ef- 
fort may be the most satisfactory arrangement. This is particularly true 
with respect to sponsored analytical research. 


Experimental Research 


Experimental research in structural engineering consists of planning and 
conducting test programs in structures and materials and of analyzing and 
interpreting the results of such programs. The experimental approach in- 
cludes studies dealing with the properties of materials, the application of ma- 
terials to structural usage and the behavior of structures and their elements 
at various conditions of load and service. In general, research in materials 
follows two approaches. One of these is the study of the physical and chemi- 
cal properties of materials as determined under controlled conditions. The 
second is the study of the mechanical properties of materials as determined 
not only under the controlled conditions of the laboratory but under condi- 
tions approximating those of service. Both sets of conditions are considered 
in studies of structural behavior. Thus the structural engineer is interested 
in the effects of various kinds of exposure upon the properties of his ma- 
terials and upon the behavior of his structures. If the materials or struc- 
tures are to be used in service where dynamic loading of shock is a factor 
to be considered then research under these conditions is a primary concern. 
For these reasons, experimental research in structural engineering is of 
varied character. It ranges from fundamental studies in physics of the solid 
state to large scale testing of structures and their elements. Mechanics of 
materials, model studies, and analogues of prototypes are included in this 
range. 

The development of measuring devices, testing equipment and testing 
techniques while at times an important aspect of experimental research is 
usually incidental to the principal objectives of a research program. These 
objectives may be to observe unexplained physical phenomena and to deter- 
mine the relationship among causes and effects and the factors which relate 
them. Other objectives may be to investigate a hypothesis, to verify the re- 
sults of a theory, to obtain quantitative data for use in analyses and designs 
and to determine the influence of different variables on the behavior of 
structures and materials at service and at failure conditions. 

University research should primarily concern itself with the development 
of knowledge and is thus differentiated from routine testing. Acceptance and 
proof testing are more suitable for commercial and industrial laboratories 
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than for university laboratories. In the same way, the determination and the 
maintenance of industrial standards are more suitable for governmental bu- 
reaus and institutes than for university laboratories. It is denied that testing 
for testing’s sake is research. This is particularly true if the results of ex- 
perimentation can be predicted beforehand or if the results can be obtained 
more suitably through other approaches. 


Research in Design 


Research in structural design includes studies dealing with the planning, 
layout, and proportioning of various structural types and their elements. In 
these studies considerations are given to requirements of use and service, 
conditions of site, and to the feasibility, economy, and suitability of the se- 
lected structural types and materials. Considerations also are given to re- 
quirements of fabrication and of erection. These studies are frequently com- 
parative and deal with the relative advantages which may be gained through 
design. In the proportioning of members and structural details questions 
arise concerning the possibility and probability of various combinations of 
loads and of failure conditions. Determination of loads, factors of safety, 
and other design criteria for use in codes and specifications are important 
aspects of research in design. 

Another important aspect is the development of analytical procedures 
suitable for making preliminary estimates and for checking designs. Such 
procedures must be rapid, and must include with sufficient accuracy the ef- 
fects of important variables. Such analyses are frequently related to the 
primary characteristics of structural behavior and permit the ready evalu- 
ation of the interaction of members and the influence of changes in propor- 
tions on stresses and deformations. Many of these procedures lend them- 
selves to extension by including the effects of neglected factors as correc- 
tions to the results of preliminary analyses. Final analyses may require the 
use of mechanical aids to computations. The development of such aids and 
of tables and charts are suitable subjects for research. 

Finally, research in design is not independent of analytical or experimen- 
tal work but is frequently the stimulus for and application of them. 


Fields of Concentration 


It is not possible to delineate the outlets of any individuals nor is it de- 
sirable to emphasize unduly singleness in character and scope of faculty re- 
search. However, in any long-term plan for the development of structural 
research advantage should be taken of conditions and opportunities indigenous 
to a particular university. These arise as a result of faculty inclinations, 
laboratory equipment, space available, past history of research in struc- 
tural engineering at the particular university, and the relationship of the 
university to the needs of its community. The community which most 
universities serve is national. However, regional and local interests pro- 
vide important outlets for each group in structural engineering. For this 
reason and the above, certain fields of concentration are particularly suitable 
for expansion or development at each university. For example, the following 
fields of concentration are considered to be particularly suitable for the 
University of California. 
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Research in concrete has been and should continue to be an important 
field of concentration at the University of California, Berkeley. Much of the 
pioneering work performed in this country pertaining to the study of concrete 
was done in the Engineering Materials Laboratory of the University. The 
previous development of the Laboratory, availability of equipment, and in- 
terest of several members of the faculty, make it desirable for this field to 
be further developed. Many problems of concrete and cement technology 
remain unsolved. Previous attention has mainly been given to the develop- 
ment of empirical methods for assessing the properties of concretes and 
cements. More recently, attempts have been made to approach the various 
problems in fundamental ways. Many of these problems are related to in- 
terests in ceramics, clay products, plasters, mortars and tiles. Consider- 
able research is still to be performed concerning the rheological behavior of 
concrete and its relationship to the chemical, physical and structural char- 
acteristics of the concretes. Characteristics of cement pastes and of con- 
crete mixes in the unhardened phase need to be related to the properties of 
the hardened pastes and mixes. The study of grouts and of grouting tech- 
niques is in an exploratory stage and should be pursued. 

The uses and applications of higher strength concretes, special cements, 
admixtures and lightweight aggregates for various structural purposes need 
to be investigated. Industry continues to make new demands for the develop- 
ment of various concretes for specific uses. This is illustrated by the use of 
higher strength concretes for prestressed structures and for long span 
structures of ordinary reinforced concrete; the use of lightweight concretes 
for reducing dead loads of structures and of precast elements; and the use of 
special cements and admixtures for obtaining desirable characteristics of 
concrete for various service conditions. 

A mechanics of creep and of plastic flow needs to be developed and should 
be related to results of experiments. A thoughtful evaluation of scattered in- 
formation concerning creep is required to provide more precise rules for de 
signers. The fundamental relationship between creep and elasticity needs 
definition and the influence of creep on the behavior of structural members 
and frameworks needs investigation. 

The behavior of concrete subjected to various states of stress and his- 
tories of loading needs to be investigated and related to a theory of failure. 
The behavior of structural members at ultimate loads needs clearer under- 
standing. 

New construction techniques, such as precasting, prestressing, tilting and 
lifting, have raised additional questions in the design of concrete structures. 
Research in prestressed concrete is being pursued and should mainly be 
centered on the structural behavior of prestressed concrete elements. Both 
in the elastic and plastic ranges analysis should be supplemented or verified 
by experimental findings. 

In addition to the above, concrete has been used for various forms of 
structures previously not attempted in design. Included are such structures 
as hipped plates, shells, and domes. Considerable analytical and experimen- 


tal work needs to be done in formulating design procedures for such 
structures. 


ASCE BARON 1357-7 
Soil Mechanics and Foundation Engineering 


Soil mechanics deals with the properties and behavior of granular ma- 
terials and has important applications in civil engineering. Many of these 
applications are in the fields of transportation engineering, irrigation en- 
gineering, and, particularly, foundation engineering. Since structures are 
founded on soil or rock, the behavior of these materials under imposed load 
is of prime importance to the structural engineer. Consequently, the inter- 
action of structures and their foundation must be considered in design. 

Areas of concentration considered particularly applicable to structural 
engineering at the University of California include studies of the supporting 
capacity of pile foundations, and studies of the strength and deformation 
characteristics of soils under transient and dynamic loading conditions. It 
is believed that research on the effect of pile driving on soil properties and 
the interaction of piles and soil will lead to improved and more economical 
use of piles. A start on this work has already been made. At least one 
comprehensive investigation has been completed and further activity is 
planned. The effects of transient and dynamic loads on soils and the effects 
of repeated loads in particular have been studied at the University in the past 
few years. These subjects will continue to be important topics of investi- 
gation. 

The swelling of soils may cause large foundation deformations and result 
in structural damage. Some soils in the Bay Area are known to possess high 
swelling characteristics and a study of these characteristics is planned. 


Metals, Timber and other Structural Materials 


Particular attention has been given by several faculty members at the 
University to the study of concrete as a material. Much less emphasis has 
been given to the study of metals, timber and other structural materials. An 
increase in emphasis concerning the latter studies is warranted as a result 
of the industrial growth of the Far West and of the varied interests of the 
faculty in structural engineering. 

The group in Minerals Technology at the University of California, has a 
considerable interest in the study of metals. This study is directly related 
to the interest of the group in structural engineering. For example, studies 
of plastic flow, creep and fracture at sustained loads; fatigue and cumulative 
damage under repeated loads; and the behavior of materials under dynamic 
loads are conducted by metallurgists and by structural engineers. The in- 
fluence of temperature and environment on the mechanical properties of 
materials concern both groups. Although the interests of both groups at times 
are similar, unnecessary duplication does not occur as the result of the 
group in structural engineering developing increased interest in the subject 
of metals. 

Many problems concerning the uses of metals for structural purposes 
remain unsolved. The brittle fracturing of ships and bridges, the fatigue 
fracturing of aircraft, the behavior of structural members and frameworks 
at collapse loads, the resistance of structures to blast and shock, and the 
behavior of constructions at various temperatures are examples of struc- 
tural problems which are still unsolved and which are directly related to the 
properties of materials. With the development of a Division of Naval Archi- 
tecture at the University and of industry on the West Coast, sufficient reasons 
can be advanced for fostering an increased interest in metals by the group in 
structural engineering. 
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A construction material of particular significance to the West Coast is 
timber. The new Forest Products Laboratory at the Engineering Field Sta- 
tion in Richmond is in operation and is looking to the group in structural en- 
gineering for assistance in solving structural problems. The definition of 
the properties of timber will undoubtedly be of direct interest to the person- 
nel of the Forest Products Laboratory. The solution of structural problems 
related to the uses of timber should be of increasing interest to the group in 
structural engineering. 

The Engineering Materials Laboratory has in the past made significant 
contributions to brick and clay technology. The Department of Architecture 
of the State of California is interested in problems of reinforced brick mason- 
ry and wishes to cooperate with the University in an investigation of such 
problems. Several faculty members have expressed a definite interest in 
studies of prestressed masonry construction, problems of bond between brick 
and mortar, structural testing of complete units, behavior of masonry struc- 


tures under dynamic and lateral loads and the effects of fire on masonry 
construction. 


Large Scale Structural Testing 


The Engineering Materials Laboratory in the past participated in large 
scale structural tests with regard to the deflections of the suspension spans 
and with regard to the behavior of the riveted joints for the San Francisco- 
Oakland Bay Bridge. It also participated in an investigation of brittle frac- 
turing of steel ship plates. An important piece of equipment which the Lab- 
oratory has for such tests is the Southwark Emery Testing Machine having 
a capacity of 3,000,000 Ibs. in tension and 4,000,000 lbs. in compression. 
Such tests and those conducted on actual structures interpose themselves 
naturally between theory and practice. They might be called developmental 
engineering and are not to be confused with proof testing. They are intended 
for obtaining a clearer understanding of structural behavior, for comparing 
results of theory with those obtained in practice, and for determining the in- 
fluence of factors neglected in theory. Such factors may be the result of 
loading, erection, fabrication, properties of materials, and the interaction of 
various parts of a structure. Finally, large scale tests lead to improvements 
in design, to modifications and simplifications of theory and to formulation of 
design criteria. 

Many new construction techniques have been introduced which are in ad- 
vance of developments in theory. Available theory seems to be inadequate 
to explain or to take advantage of the extra reserves of strength obtained in 
lift slab and tilt up constructions. This is equally true in shell construc- 
tions, except that the theory of shells seems needlessly complicated. Simpli- 
fications in theory correlated with results of tests may lead to wider accept- 
ance of the latter form of construction. The growing precast concrete in- 
dustry poses problems in the design of connections. The formation of plastic 
hinges in reinforced concrete members needs greater exposition for use in 
ultimate design of concrete frameworks. It can be presumed that the newly- 
formed Division of Naval Architecture will meet with problems in ship de- 
sign which will require large scale structural tests. 
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Environmental Testing 


Most of our knowledge concerning the behavior of materials has been 
gleaned from tests conducted at usual room temperatures. A growing need 
exists for research in the properties and behavior of materials subjected to 
temperature extremes and other environmental conditions. Creep and brittle 
fracture are phenomena associated with opposite temperature extremes. In- 
ternal breakdown and corrosion of materials are phenomena associated with 
cyclic changes in temperature and moisture conditions. Recent operations 
in the Arctic regions and in the upper atmosphere have raised problems in 
the behavior of materials at low temperatures. New vehicles operating at 
high velocities have raised additional problems of volume changes, creep, 
and strength of materials at high temperatures. Even in conventional building 
construction, problems exist in the evaluation of different construction to the 
action of fire. These examples and others illustrate the need for studying the 
behavior of materials and structural elements exposed to various conditions 
of temperature and moisture. The Engineering Materials Laboratory has 
engaged in such studies particularly in regard to concretes which react sen- 
sitively to environment, Fire tests have been conducted on wall construc- 
tions, chiefly to determine the resistance of such constructions to the pas- 
sage of heat and flame. The latter studies need extension to include the ef- 
fects of load in combination with conditions of environment. 


Theoretical and Experimental Analysis 


This field of concentration includes the various aspects dealt with in the 
section on Analytical Research. However, particular attention here is given 
to some specific aspects considered as desirable for concentration at the 
University of California. These aspects include studies in experimental 
analysis, structural plasticity, structural instability, and plates and shells. 

Experimental methods at times are useful in solving problems of analysis 
in structural engineering. Interest has been indicated by several faculty in 
three areas of experimental analysis. These are the utilization of photo- 
elasticity in problems of structural dynamics, the application of analogues 
to structural engineering problems, and the utilization of high speed comput- 
ing machines in problems of structural analysis. 

Structural plasticity is becoming of increasing interst in structural en- 
gineering. This is a result of a greater realiziation of the role which actual 
properties of materials play in determining structural behavior. Plasticity 
plays an important role in determining the behavior of structures and their 
elements in the inelastic ranges of loading and in determining collapse loads 
and types of fracture at failure conditions. It also plays a role in determin- 
ing the fatigue strengths of structural members and the damping of vibra- 
tions. Limit design is based on considerations of plasticity and is being used 
for determining collapse loads of structures. It has been considered for 
static loads and is being considered for earthquake shocks and effects of 
blasts. 

Many of the studies in structural plasticity are highly theoretical and deal 
with the plastic behavior of solids. Others are experimental in nature and 
deal with the ultimate strengths of structural elements. The analytical solu- 
tions in general are so complex that only a few cases in plasticity have been 
solved. The experimental solutions also are limited to specific applications. 
Consequently, research is needed to simplify the available theories of 
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plasticity, to correlate the results of theory with those obtained through 
tests, and to obtain solutions to previously unsolved problems. 

Many problems remain unsolved in the general field of structural insta- 
bility which includes elastic buckling, inelastic buckling, and dynamic in- 
stability. These problems are related to structural behavior at failure loads 
and frequently involve the study of large deflections and of non-linear re- 
lationships between loads and movements. In general, structural instability 
occurs when movements increase at a greater rate than the increase in the 
resistance offered to the increase in movements. 

Much attention has been given to problems of elastic instability. This 
attention has usually been restricted to studies of isolated columns, beams, 
curved members, plates and shells subjected to simple cases of loading. 
More attention needs to be given to problems of structural frameworks, 
such as arches, trusses, and rigid frames in which the interaction of mem- 
bers has an important influence on stability. Consideration should be given 
to problems of inelastic buckling involving properties of materials, shapes 
of cross-sections, combinations of loads, and articulation of members as 
obtained in actual structures. Most studies of structural instability involve 
considerations of strength. However, the requirements of stiffening and 
bracing of structures and their elements are frequently related to control of 
movements and need further investigation. 

Several members of the faculty have expressed an interest in the applica- 
tion of theoretical and experimental methods of analysis to problems of 
plates and shells. These elements are used extensively in the construction, 
aircraft, and shipbuilding industries. Some specific examples of possible 
research on shells are the bending and buckling of unsymetrically loaded 
shells, the effects of cut-outs and stiffeners, the vibration and dynamic 
response of shells, and the application of limit analysis to shells. For 
plates and slabs some specific examples of possible research are the analy- 
sis of prestressed slabs, vibrations of plates with damping, and the analysis 
of thin plates having large deflections. Attention can be given to the develop- 
ment of simplified analytical procedures and to determining by means of 
analytical methods, models, or analogues, the principal variables affecting 
the behavior of plates and shells. In any case, these studies will have to be 
correlated with the results of observations made on actual structures. 


Structural Dynamics 


In recent years, research in structural dynamics has increased as a re- 
sult of several factors. The failure of the Tacoma-Narrows Bridge, the oc- 
currence of several major earthquakes, the advent of the atomic bomb, and 
the recent developments of high-speed aircraft and guided missles have pre- 
sented many problems in structural dynamics. These problems require both 
analytical and experimental treatment. Additional problems exist in the vi- 
brations of bridges under moving loads, the isolation of buildings from noise 
and traffic, and the cushioning of impact resulting from machine operations. 

Experiments have shown that the properties of materials under dynamic 
loads are appreciably different from those under static loads. The dynamic 
properties of materials are not well known and need to be determined for use 
in design. The properties which should be determined are the stress-strain 
characteristics and the ultimate strength for single and repeated loads. In 
addition, the damping characteristics should be determined for studies in 
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vibrations. These investigations are needed for major structural materials 
such as metals, concrete, soil, and wood. 

The response and the resistance-deformation characteristics of struc- 
tures, members and connections subjected to dynamic loads need definition. 
Studies have been conducted at the University in regard to the response of 
beams to impulsive loadings and to dynamic buckling of columns in the in- 
elastic range. Additional studies have been conducted of earth dams and 
building frames subjected to earthquake loads. The above studies should be 
continued and extended to include the effects of earthquake shocks and blast 
effects on various types of structures. Many variables will have to be con- 
sidered including those of structural layout, foundation conditions, and kinds 
of materials. The lateral resistance of walls and partitions, the degree of 
continuity offered by connections, the damping characteristics of structures 
and materials, and the interaction of structures with foundations need to be 
considered. In addition, consideration needs to be given to the behavior of 
structures and their elements subjected to conditions of plasticity and insta- 
bility. 

Rational procedures for calculating the response of conventional struc- 
tures to earthquakes are fairly well defined. Their applications, however, 
are usually lengthy and impractical for use in design. The provisions in 
building codes are simple but are based on the concept of substituting 
equivalent static loads for earthquake effects. This concept can lead to er- 
rors and indicates the need for analytical procedures which are simple, but 
which are based on dynamics and not on statics. Simplified procedures also 
are needed for studying the effects of impulsive or shock loads as from 
blasts. Such studies should be extended to include other structures besides 
building frames. 

The recent trend towards more flexible bridges has raised anew questions 
concerning the dynamic effects of moving loads on bridges. Serious vibra- 
tions and fatigue failures can be induced by these loads. Uncertainties exist 
as to the loads, the natural frequencies and damping characteristics of 
bridges, and the fatigue strengths of structural members and connections. 
In addition, simple analytical procedures should be developed for calculating 
natural frequencies and for solving the non-linear equations of motion as- 
sociated with bridge vibrations. It should be desirable to correlate the re- 
sults of analyses with those of full scale tests, and to review the code pro- 
visions for live load, impact and fatigue. 


Structural Design 


Many examples of research in this field have been given above and are 
considered to be an integral part of this section. Particular attention here 
is given to certain areas of research in design which are of interest to sev- 
eral members of the faculty at the University of California and which need 
emphasis. Comparative studies of the economic or construction advantages 
which various materials and classes of structures may have for certain pur- 
poses are best pursued in practice and are possible provided the faculty have 
ready access to all factors determining costs of construction. More suit- 
able for faculty are studies dealing with possible reductions in weight and in- 
creases in stiffness and safety associated with differences in design. The 
latter studies frequently deal with the sources of stress and their influence 
on the magnitudes of stress and the resulting proportions of structures 
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and their elements. Research in this field includes the development of rapid 
analytical procedures for determining the influences of the various factors 
which affect design. 

Studies of loads, safety factors, and design criteria are being pursued at 
the University. The current interest is in seismic loads and in static and 
dynamic loads on highway bridges. This interest should be continued and ex- 
tended to include other types of loads and structures. Criteria and safety 
factors for new constructions need formulation, while those employed in 
existing codes need reexamination. Some of these criteria are related to 
other requirements of structural usage and service than to those of strength. 
The requirements of bracing frequently are related to the control of objec- 
tionable movements, to the maintenance of stability, and to the obtaining of 
integral behavior of structures and their elements. And the deflection limi- 
tations of various structures are related to considerations of stiffness, in- 
stability, and of vibrations. Much remains to be done in defining the require- 
ments of stiffness and in specifying suitable criteria of stiffness for use in 
design. 

The distinctions which exist in design between sources of stress, sources 
of strain, and their relative effects need further study. Distinctions exist in 
the interpretation of effects caused by wind and earthquake loads and those 
- caused by dead and live loads. The interpretation is influenced by consider- 

ations of probabilities of loading and of the possible consequences of failure. 
Distinctions also exist in the effects of primary stresses and those of secon- 
daries, deformation strains, or participation strains. Primary stresses are 
a result of load. Deformation strains are a consequence of internal or ex- 
ternal movements of the structure. Thus, load dominates as a source of 
stress, and the geometry of movement as a source of strain. The proper 
addition of effects caused by different sources needs closer examination. 

A further development of interaction diagrams for various types of struc- 
tures, as well as for columns, is needed. Such diagrams are useful in com- 
bining the effects of mixed deformations or loads and in predetermining the 
desired proportions of structural elements for optimum requirements of 
strength or stiffness in design. 


Needs of Faculty 


The needs of faculty for the facilitation of structural research are fre- 
quently related to requirements of space, equipment, personnel, and budget. 
These needs differ at various universities with time, individuals, and types 
of programs. The following statements are confined to the writer’s own ex- 
perience and observations at several universities. 

The primary need for the facilitation of university research in structural 
engineering frequently is not for space but for help in terms of personnel and 
budget. The personnel required are graduate students and non-academic ap- 
pointees to help the faculty in its conduct of research. Since graduate re- 
search is part of an educational program, it is the responsibility of faculty 
and is related to faculty research. Faculty research, on the other hand, is 
at times independent of the educational program. However, even this re- 
search in time becomes a part of the educational program provided know- 
ledge is extended. In any case, both aspects of research are the responsi- 
bility of faculty and are dependent to a large extent on help. 
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An important source of help is graduate students who seek suitable sub- 
jects for theses and usually some form of subsidy. The subsidy at times can 
be related to the subject of a thesis provided the thesis is the result of the 
student’s efforts beyond those for which he is paid. A thesis should be re- 
quired of all graduate students since the essence of graduate education is to 
mature the student for independent work. This is best accomplished by a 
faculty advisor guiding but not dictating a student’s research program. 

Another source of dependable help for research is full-time non-academic 
personnel working under the supervision of faculty. Research assistants 
usually are needed to supplement the full-time non-academic staff. The re- 
search assistantship program at times needs to be implemented so that help 
is actually available for faculty research. It should be recognized that a 
large proportion of the graduate students in engineering in the United States 
are subsidized. This subsidization comes not only from projects sponsored 
by industry, government, and technical councils, foundations and societies 
but also by direct grants of universities. 
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ABSTRACT 


The determination of the ultimate strength of short struts of any cross 
section subjected to the action of eccentric loads or pure non-symmetrical 
bending is treated in this paper. The analysis is based upon an idealized 
stress-strain relationship assuming constant stress for strain beyond the 
yield point. 

It is well known that an analytical approach to these problems results in 
unwieldly equations even in the simpler cases and, for the more general 
cases, a solution is well neigh impossible. An approximate solution is pre- 
sented in this paper. Under any loading condition, the position of the neutral 
axis is first assumed and successive approximations are obtained by transla- 
tional and rotational corrections. The expressions for the correction incre- 
ments, derived from the equilibrium conditions, are simple and two or three 
cycles usually suffice to arrive at a satisfactory solution. 

Numerical examples dealing with several different cross sections are 


given to illustrate the procedure. Application of this method to the elasto- 
plastic case is also demonstrated. 


INTRODUCTION 


The determination of the ultimate strength of short struts subjected to 
eccentric loads or pure nonsymmetrical bending entails, even in the simpler 
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cases, (1,2) unwieldly analytical expressions and, for more general cases, an 
analytical solution becomes extremely complex if at all possible. An approxi- 
mate solution is discussed in this paper applicable not only to the plastic case 
but also to the elastoplastic case. The following assumptions form the basis 
of the analysis: (1) Plane sections remain plane after bending. (2) The ma- 
terial remains elastic up to the yield point after which it deforms plastically 
sustaining constant stress. The stress-strain relationships in tension, com- 
pression and bending are identical. 


The general equations will be derived for the elastoplastic case of which 
the plastic case is the upper limit. 


Eccentric Loads 


Consider the section shown in Fig. la and take the neutral axis as the x- 
axis of the rectangular coordinates, the y-axis assuming any convenient posi- 


tion. The stress distribution curve shown in Fig. 1b may be expressed as 
follows: 


where oy is the yield stress and y, the distance from the neutral axis 


to the fiber which just reaches yield point. The equilibrium conditions 
require that 


N= Soda + 
(2a,b,c) 
Ne = dA + 794A 


N = dA + Sy, 4A 
where N is the eccentric load, e, and ey the distances of N from the coordi- 


nate axes while A, and Ap denote respectively the elastic and plastic areas. 
Substituting (1) in (2) and solving for ex and ey lead to 


+ 4.45 
Qx 4, A, 


(3a,b) 
+ 


Cy = 
Q, + Ap 


6, 

| 
where 
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The signs of Ap, qx and qy given by (4) must be consistent with the sign of o 
defined by (1), sf e. m plastic areas are positive if in compression and negative 
if in tension. The value of the eccentric load, given by (2a), may be conveni- 
ently expressed in the form 


N= 0% (SE + Ap) (6) 


For the sign convention adopted, N is a compressive load if positive. 
For the plastic case, (3) becomes 


e lim _ + 
x 


te ) 
Jo Ap 


and the ultimate load is given by 
Nu = (2 + Ap (7) 


For a given eccentricity and a fixed value of yo, zero in the plastic case, 
the position of the neutral axis must be so located that (3) or (6) is satisfied. 
This position may be defined by the angle of inclination of the neutral axis 
with respect to any fixed axis and the perpendicular distance between the 
eccentric load and the neutral axis, ey. The determination of this position 
may best be done by first assuming any reasonable position and then improve 
it by means of translational and rotational corrections. 

Let N, in Fig. 2, be the given position of the eccentric load and ox the as- 
sumed position of the neutral axis. Also let the position of o' x' , which is 
parallel to ox, be such that (3b) is satisfied, i.e., 


Sat (4- &) da Sa dA 


where Ag and Ay, are the elastic and plastic areas associated with o! x' . 


Since the distance between ox and o' x' ,§ , is small, (8) may be approximated 
by 
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Sa, aA 
= 
Vy = dA (4) 
Q, = 
= 
Ap (6a,b) 
J ty Ap 
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Sag (4-8) dh + Ye Sap (4-8) (9) 


Sng dA + Yo 


where A, and Ap are the areas associated with ox. Solving (9) for 6 leads to 


Ix - Q, + Ux &y Ap) 
Qx = ey Ae 


(10) 


where 6 is the translational correction increment, positive when measured 
toward the positive direction of the y-axis. All the quantities in (10) are those 
associated with ox. Ae is the absolute value of the elastic area. 
Corresponding to o' x' and any conveniently chosen vertical axis o' y' , (3) 
yields e,' and ey’ which define the position of N' , the resultant of the forces 
acting on the section with the neutral axis located at o'x'. From Fig. 2 it is 
evident that the position of the neutral axis o' x' may be further improved by 


rotating it through an angle @ to position o"'x"". The rotational correction in- 
crement is 


1 | ex | 
{ | 


A = 


(11) 


and the direction is obvious. The choice of the center of rotation depends up- 
on the geometry of the section and is best shown by the numerical examples. 
The translational and rotational corrections are repeated until the com- 
puted position of N defined by (3) coincides with the given position of N. The 
value of N is then computed by (5). 
The same procedure may be employed in the plastic case for which the 
translational correction increment is derived by setting yo = 0 in (10). Thus 


Qy - Ae 


where b is the total length of the neutral axis intercepted within the section 


as shown in Fig. 3. When the neutral axis is located, the ultimate load is 
then determined by (7). 


Pure Bending 


In the case of a section subjected to the action of a bending moment M 
(Fig. 4), taking the neutral axis as the x-axis with the y-axis assuming any 
convenient position, the equilibrium conditions are 


O = \ = (2 +A) 


M, = dA + oy (2 + (13a,b,c) 


M 
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where Mx and My are the components of M about the coordinate axes. The 
bending moment is given by 


The angle of inclination of M with respect to the x-axis is given by the rela- 
tionship 


+ 
on 


x 


which, giving regards to (13b,c), leads to 


-i ( + 94% 15 


Consistent with the sign of 0 defined by (1), 6 is positive when measured 
clockwise from the x-axis and M, Mx and My are positive as indicated by the 
double arrows in Fig. 4, adopting the right-hand screw rule. 

Let ox (Fig. 5) be the assumed position of the neutral axis and o' x' which 


is parallel and at a distance of 6 to ox, be so located that (13a) is satisfied, 
i.e., 


(16) 


18) 


SS , 
4A + Oy Sai, 
As previously done, approximating (16) by 


{,, (5-8) 4A + Oy dA 


(17) 
Yo 


and solving for 6 lead to 


f= (18) 
Ae 
where 6 is the translational correction increment, positive when measured 
toward the positive direction of the y-axis. 

Corresponding to o' x' and any conveniently assumed position of o' y' , (15) 
yields 6 which defines the direction of the resultant moment acting on the 
section. Unless the correct position of the neutral axis is assumed the com- 
puted value of @ is different from the given value of 6. The difference be- 
tween these two values indicates the approximate magnitude of the rotational 
correction. The direction is obvious. 

As in the case of eccentric load, the translational and rotational correc- 
tions may be repeated until the resultant moment acting on the section coin- 
cides with the given moment. For sections such as angles and I-sections, 
convergence is relatively slow. An alternate method, the better one in this 
case, is to plot the angles of inclination of the neutral axes versus the angles 
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of inclination of the corresponding resultant moments acting on the section 
and determine the correct position of the neutral axis by interpolation from 
the curve. The value of M is then computed by (14). 

The same procedure may be employed in the plastic case for which (14), 
(15) and (18) become, upon substitution of yo = 0, respectively 


ERE 


- f im Ixy + 404 


= lim Qx+4oAp\ 


where @ is positive when measured clockwise from the x-axis, § is positive 


when measured toward the positive direction of the y-axis and b is as defined 
in Fig. 3. 


Numerical Examples 
Example 1 


Consider the rectangular section shown in Fig. 6a subjected to the action 
of an eccentric load N located as shown. The problem is to determine the ul- 
timate value of N which the section can sustain in terms of the yield stress 
o., of the material. The neutral axis is first assumed to be at a distance of 
55 in. from N with an angle of inclination of 34°. The corresponding values 
of Ap and qx are computed in Table la, and b is 4.8 in. Area I is AACE, area 
ba AABD, area I] ADFH and area IVA EGH. Substituting these values and ey = 
5.6 in. in (12) yields 6 = -0.21 in. which indicates that the neutral axis should 
be translated further away from N to the position shown in Fig. 6b. 

Next the values of Ap, qx and qy corresponding to the translated position of 
the neutral axis are calculated in Table 1b, and (6a,b) yield ex" = 1.78 in. and 
ey" = 5.73 in. which define the position of the resultant force N" acting on the 
section. The y-axis in this case is taken through the center of gravity of area 
Il. With respect to the coordinate axes, the position of N is defined by ex = 
3.28 in. and e, = 5.81 in. It should be observed that, by this translational cor- 
rection, the value of ey is improved considerably. Substituting ex, ex" and 
ey" in (11) yields @ = 14.79 which indicates that the neutral axis should be ro- 
tated to the position shown in Fig. 6c. The center of rotation, point 0 in Fig. 
6b, is located midway between points A and B. The choice of this point is 
rather arbitrary, but (12) indicates that if the numerator (ey Ap = qx) is kept 
close to zero, the subsequent translational correction may be avoided. In this 
particular case, observe that the values of ey and qx for trials (a) and (b) re- 
main fairly constant, hence the numerator of (12) can be kept very small if 
Ap is kept fairly constant. This can be done by making A A' AO approximately 
equal to area B' BO. 

The values of Ap, Gx and qy corresponding to the rotated position of the 
neutral axis are computed in Table 1c. (12) yields 6 = 0 and (6a,b) yield ex'' 
= 1.86 in. and ey'' = 5.57 in. which are reasonably close to the values of ex 
and ey shown in Fig. 6c. (7) yields the ultimate load Ny/? y = 3.89 in2. 
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A glance at Fig. 6c shows that, in the case of eccentric load, the location 
of the neutral axis should be such that the centers of gravity of the two cross 
sectional areas divided by the axis and the position of the eccentric load 


should lie on the same straight line. From consideration of equilibrium, this 
point is evident. 


Example 2 


Consider the section? shown in Fig. 7 subjected to an eccentric load N lo- 
cated as shown. Fig. 7a shows the assumed position of the neutral axis so 
located that the observation just mentioned is visually satisfied. Table 2a 
shows that, although the computed value of ey differs considerably from the 
given value, the translational correction is only -0.06 in. The translated posi- 
tion of the neutral axis is shown in Fig. 7b. With the y-axis passing through 
the given position of N, the calculation shown in Table 2b yields @ = 0.9° and 
the neutral axis is next rotated 0.9° about point 0 to the position shown in 
Fig. 7c. The values of ex and ey corresponding to the rotated axes are de- 
termined in Table 2c and can be seen to agree fairly well with the values 
shown in Fig. 7c. As before, (7) gives the ultimate load, Nu/@y = 1.22 in2, 


Example 3 


To illustrate the procedure for the determination of the ultimate strength 
of a section under nonsymmetrical bending, consider the section shown in 
Fig. 8f. The applied moment M is inclined at an angle of 20° from the major 
axis. (21) indicates that if Ap is kept zero, no translational correction is 
needed in the solution. The double symmetry of the section suggests readily 
that Ap will remain zero if the neutral axis passes through the centroid of the 
section, an observation which again is obvious from the view point of equilib- 
rium. As mentioned previously, convergence of the successive approxima- 
tions in this type of sections is comparatively slow, hence the alternate 
method will be employed. While three trials are sufficient to obtain a solu- 
tion, four positions of the neutral axis are assumed for the purpose of illus- 
tration as shown respectively in Fig. 8a, b, c and d and the corresponding 
values of qx and qy are calculated in Table 3a, b, c andd. (20) yields the 
values of 9, the angles of inclination of the resultant moments acting on the 
section with respect to the neutral axes. The angles of inclination of these 
moments with respect to the major axes. The angles of inclination of these 
moments with respect to the major axis of the section, By, are next computed 
and plotted in Fig. 9 against the angles of inclination of the neutral axis, Bn. 
The intersection of this curve with the horizontal line B yy = 20° gives the cor- 
rect position of the neutral axis, B y = 77930'. The corresponding wnat of 
qx and qy are then substituted in (19) giving the ultimate moment Mu/o y 
20.2 in3: It is of interest to note, in Fig. 9, that 8 y is practically gero fae 
B N < 60°. 

It may be observed from this example that in the determination of the ulti- 
mate strength of a section subjected to pure bending, the neutral axis should 
be so located that the two cross sectional areas divided by the neutral axis 
should be equal and their centers of gravity should lie on a straight line per- 
pendicular to the vector representing the applied moment. These two observa- 
tions may be drawn directly from the conditions of equilibrium. 


4. The fillets in the angle and the wide flange section treated in Example 3 
are disregarded for simplicity, the error incurred being negligible. 
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To demonstrate the application of the above procedure to the elastoplastic 
case, consider the section shown in Fig. 10a. The problem is to determine 
the value of the applied moment M, shown in Fig. 10b, such that yo = 0.5". As 
a first trial, take Z = 2.23 and By = 60°. The corresponding values of Ap, Ae 
and Qx are computed in Table 4aj, and substituting them in (18) leads to 6 = 
0.061". The translated position of the neutral axis is defined by Z = 2.14 and 
By = 60° and the corresponding sectional properties are calculated in Table 
4a9. (14) yields the value of M and (15) yields @ = -30.7° corresponding to 
which By = 29.39. It has been observed that the convergence of the succes- 
sive approximations in this type of sections is relatively slow. Ti:erefore, 
while the difference between the computed value of 8 yy and the given one is 
6.79, a partial rotational correction, say 3.59, may speed up the convergence. 
Furthermore, in the case under consideration, Qx = 0 and (18) indicates that 
the translational correction may be avoided by keeping Ap close to zero. 

This can be accomplished by keeping the sum of areas I and II equal to that of 
areas III and IV, which is an easy task since the thickness of the angle is con- 
stant. With these observations in mind, the position of the neutral axis is 
next rotated to that defined by Z = 2.28 and By = 63.5° and the corresponding 
geometric properties of the cross section are computed in Table 4c. Again 
(15) yields @ = -26.7° for which 8 yy = 36.8° and M is determined by (14). 

This trial shows that the partial translational correction overshoots the cor- 
rect position of the neutral axis by a small amount and a reversed partial 
correction in the next trial, say 0.4°, should yield a solution. To illustrate 
the alternate approach to this problem, however, a position of the neutral axis 
between those of trials (a) and (c) will be assumed. The calculation in Table 
4b yields the corresponding values of Byy and M. The values of Bu Z and 
M/¢ y are then plotted against 8 y in Fig. 10c. The intersection of the By - 


By curve with the line By, = 36° leads to the desired solution: By = 63009" , 
Z = 2.265 in. and M/oy = 5.43 in’, 


CONCLUSION 


Although the method of analysis presented in this paper is approximate by 
nature, careful execution of the solution with the aid of large scale figures 
yields reasonably accurate results for practical purposes. The equations em- 
ployed are not involved, eniailing only simple numerical calculation. Keeping 
the observations made in the numerical examples in mind, three trials should 
suffice to lead to a solution. 

In the case of pure bending, it is comparatively easy to prepare graphs for 
the ultimate strength of commonly used sections with a few values of By. In 
the case of eccentric load, however, two parameters are involved and the 
work becomes more laborious. The ultimate strength under any loading con- 
dition may be obtained by interpolation from these graphs. 


NOTATIONS 


Ae absolute value of elastic area 
Ap plastic area, defined by (4) 
b length of neutral axis, defined in Fig. 3 
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eccentricity of normal load with respect to the coordinate axes, 
defined by (3) or (6) 


moment and product of inertia of the elastic area, defined by (4) 
bending moment, defined by (14) 

components of M about the coordinate axes, defined by (13b,c) 
ultimate value of M, defined by (19) 

eccentric load, defined by (5) 

ultimate value of N, defined by (7) 


static moment of the plastic area with respect to the coordinate 
axes, defined by (4) 


static moment of the elastic area, defined by (4) 

distance from neutral axis to fiber which just reaches yield point 
distance defined in Fig. 10a 

rotational correction increment, defined by (11) 

angle of inclination of M with respect to the horizontal axis 

angle of inclination of neutral axis with respect to the horizontal axis 
translational correction increment, defined by (10), (12), (18) or (21) 
angle of inclination of M with respect to neutral axis 

normal stress, defined by (1) 


yield stress of material 


BIBLIOGRAPHY 


. Aghbabian, M. S. and Popov, E. P., “Unsymmetrical Bending of Rectangu- 
lar Beams Beyond the Elastic Limit,” Proceedings of the First National 
Congress of Applied Mechanics, 1951. 


. Beedle, L. S., Thurlimann, B. and Ketter, R. L., “Plastic Design in 
Structural Steel,” Fritz Engineering Laboratory Report No. 205.32, Lehigh 
University, Bethlehem, Pennsylvania, 1955, p. 9.1. 


ASCE 

Ix, Ixy 

M 

3 

Mu 

N 

Nu 

Qx 

Yo 

Z 

a 

Bm 

By 

6 

Oy 


1358-10 ST 5 September, 1957 


| 
No 
[+o 
: 
Ap 
= Newt, 
(a) 
) 
Fig. ve 
Teng,? 
(b) 
4y 
N@ — 
Pips 
/ ‘ 
/ x" 
Tran slay d “ral axig 
(— 
Assumed 


n 
4 
4 
< 


1358-11 
bs 
Yy 
Fig. 4 
| ig.5 


September, 1957 


ST 5 


1358-12 


(b) (c) 


Fig. G 


(a) 


Fq.(i2) (a) 


a 
wo 
i> 
S 5 5 


Table 


: 
Ss 
| N N a 
D ites A c.g. ft 
° 
x 
= 

| (i) | (in*)| (in) 

| — 

| 

| 

55 | 348 |-27.95) 

Ey. (7) 


(tt) 


(6a) (Gb) 


pad 

la 


n 
< 
4 


Fig.7 


ASCE OS 1358-13 
=} 2 =} 2.2 2. 
34 IN = 70" AN = 
4" \/ \/ 6.9° 
a) 9 x 
Area| Ap 4. A 
| | feat | 
as ‘Ge | 130] 5.521744] tite 
2.08) 3.61 
|_ 60) 2.28 went 
| 09) 075 | 4.751 0.9° | 
| = | 16 | 
[122] [572] |-.08] © 
Table 2 Eq. (7) N ufo, = Ap = 1.22 in? 


1358-14 September, 1957 


Trial 


> 
Ss 


Arp 
) 


(int 


2.60| 2.91) | 7.541-4.95 
1.29) 1.45) 1.67) -2. 
076} .08| -o/ |-. 


I. |. 2. 
| 


Table 3 


zz 


M 
} 
(f) 12WE 27 
\ b) 
0.24" 
neutral axis > (a) Fig. re) 
9 
Eq. (20) 
x 7, 
(in) (in) 
-12.86 
az 
|| 16.02 | 
=z 12 | -\.40| -2.84 
| 1.24 7.21 
I 198 | 2.385] |-10.35 
1.21 -Bo| 47 |~2.90/}~ 3.52 
or 12 09 | | --/5 | -.02 
mw | 63 | .73 | -46 | 6.20] 3.92 
| 1.76 2:18| 3.64 |-5.4] |-9.54 
| -58| +68 |-2.80| -3.249 
-09| |--19 |-.06 
@ | | 610} 4438 


LEE - BALLESTEROS 


4, = 10.90 in® 
4, = -17.0 in? 


By Eq. (19), Mu, = = 20.2 in? 


Fig.2 


ASCE 1358-15 
20 
50° 70° 20° 90° 
By 77°30 
for By277%30 


September, 1957 


Fig.10 


1358-16 ST 5 es 
As 
c.g. of Areo No. I 
\ 
\ 
| Z=2.265" | 30 B=63 
M 
Gn) 
—+ 3G 
62° 63° 


LEE - BALLESTEROS 1358-17 


Eq . (15) 
Lor C18) 


ASCE 
| | | 3 8 
+ 
| 9} 9] 
| 
| ain 
\ 
lgighs 
* 5/3) » 
| — 
717 
re ~ 
~ N 
N © + 
—_— 


Paper 1361 September, 1957 


Journal of the 


STRUCTURAL DIVISION 


Proceedings of the American Society of Civil Engineers 


DURATION OF LOAD AND FATIGUE IN WOOD STRUCTURES:! 
PROGRESS REPORT OF A SUB-COMMITTEE OF THE COMMITTEE 
ON TIMBER STRUCTURES OF THE STRUCTURAL DIVISION 
(Proc. Paper 1361) 


SYNOPSIS 


This paper summarizes present knowledge of the effects of long-time load- 
ing and of fatigue on structural wood. Long-time loading, whether continuous 
or intermittent, is considered from the viewpoints both of strength and of de- 
formation. A chart showing the relation of safe working stress to duration of 
load is presented. Fatigue test data are reviewed, and representative S-N 
curves are shown. It is noted that fatigue failures are generally less of a 
problem in wood structures than in those constructed of other materials. 

A section on the evaluation of old timbers in structures is included. It 
shows how old timbers can be appraised in terms of their species, grade, 
and condition to give a reliable estimate of their present structural value. 


Basic Concepts 


Structures are subjected to various types of stress. Stress may be 
“static;” that is, it remains for some appreciable time, as when a floor is 
loaded in a building. As used with reference to testing procedures, the term 
“static stress” usually implies a duration of 5 to 10 minutes. Where applied 
over many years, as in a building, the static stress is called “long-time load- 
ing.” 
Impact stresses are produced when full load is suddenly applied and is of 
very short duration. Shock loading, such as that produced when a boat bumps 
a dock or dolphin, results in impact stress. 

Dynamic stresses, commonly called impact stresses, in highway and rail- 
road bridges are produced by moving load effects that in many cases have the 


Note: Discussion open until February 1, 1958. Paper 1361 is part of the copyrighted 
Journal of the Structural Division of the American Society of Civil Engineers, 
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same duration as that of the moving vehicle. The rolling of the vehicle about 
its longitudinal axis which increases the stresses in the members on one side 
with a corresponding decrease on the other side; or a downward acceleration 
of the sprung weight of the vehicle which increases the stresses in all of the 
members; are examples of these effects. The vibrations induced in the 
bridges by uneven surfaces produce stresses that have a cumulative duration 
of about one-half that of the moving vehicle. The only true impact stress in 
highway and railroad bridges results from the wheels passing over an ob- 
struction on the deck of the highway bridge or from the locomotive wheels 
passing over a battered rail joint. 

Either static, impact, or dynamic stresses may be repeated. The repeti- 
tions may be few or many and the duration of load may range from a fraction 
of a second in impact to periods of months with static loads. With very many 
repetitions of stress, “fatigue” conditions exist. 

Fatigue in engineering materials is defined as the progressive damage and 
failure that occur when a structure or a part is subjected to repeated loads of 
a magnitude smaller than the indicated static strength. “Static strength” as 
used here is the strength of a member as measured in a static-stress test of 
5 to 10 minutes duration. 

Structures are often subjected to stressing that is a combination of re- 
peated and long-continued loading. When durations of stress for each loading 
are sufficiently long that consideration must be given to the effects of long- 
time loading, the number of cycles are usually too few to cause concern from 
the standpoint of possible failure from fatigue. In such instances, the total 
cumulation of duration of stress should be the design consideration. Whena 
structure may be subjected to many repetitions of stress (more than 100,000) 


during its normal life, some consideration should be given to possible failure 
in fatigue. 


Long-Time Loading 


Wood differs from other structural materials in its ability to absorb over- 
loads of considerable magnitude for short periods or smaller overloads for 
longer periods. Advantage can be taken of this characteristic in many struc- 
tural designs. 

Knowledge of the long-time loading characteristics of wood has been de- 
rived from long-continued research. Herman Haupt made experiments on 
wood beams in 1841 to show the effects of prolonged stress. Other tests fol- 
lowed at Stevens Institute and at the Massachusetts Institute of Technology. 
H. D. Tiemann set up self-recording dead-load beam tests at the Yale Fores- 
try School in 1907 and continued his research after he joined the staff of the 
newly established Forest Products Laboratory at Madison, Wis., in 1910. A 
comprehensive series of dead-load tests at Madison inaugurated in 1943 is 
now continuing, with a few specimens still under observation after more than 
11 years of loading. This work is the basis for figure 1, showing the relation 
of safe working stresses in wood to the duration of load. 

Long-time loading tests have shown that repeated loads separated by peri- 
ods of rest have a cumulative effect but that the sum of all loaded periods be- 
fore failure will at least equal the duration of continuous load at the same 
stress level. The studies indicate that cumulative effects from repeated loads 
are decreased as the ratio of loaded time to unloaded time is decreased. 
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Infrequent loads of relatively short duration have practically no cumulative 
effect. 

Where working stresses are given on the basis of long-time loading, in- 
creases of stress may be made for shorter durations. Some stress recom- 
mendations are on the basis of “normal loading” which presumes continuous 
or cumulative duration of maximum design load of not more than 10 years 
during the life of a permanent structure. Working stresses for “normal load- 
ing” are 10 percent above the level for long-time loading. It is common prac- 
tice to take an increase of 50 percent above the level of long-time loading for 
wind or earthquake loads. Occasional impacts up to 100 percent of the static 
load can be neglected provided that the sizes of structural members are safe 
for the static loadings. Frequently repeated impacts are discussed in the 
section on Fatigue. 

The above increases of working stress for short-time loadings can be 
verified on the curve shown in figure 1. The same curve may be used to 
estimate increases of working stress for any other conditions of loading on a 
particular structure. 

In applying a stress increase for conditions of less than full duration of 
maximum load, the safe stress for the permanent part of the combined load- 
ing must not be exceeded. Where the assumed loading conditions involve 
some infrequent load at a high level and a more frequent load at a lower level, 
care should be taken to see that working stresses and sizes of structural 
members are safe for each one of the assumed load levels. It is possible for 
sizes of members to be governed either by the permanent load or by some 
other load below maximum load level. 

Modulus of elasticity, when used as a measure of deflection or deforma- 
tion, does not vary with the duration of load. When it is used, however, in 
calculating safe loads on long columns a reduction factor of 3 is applied to 
the average value to give a safe stress for long-time loading. Since the buck- 
ling of a long column is sensitive to the duration of load, a somewhat smaller 
reduction factor can be taken for short-time than for long-time loading. A 
convenient way to do this is to use the curve of figure 1 for short-time loads 
on long columns. 

Wood under continuing load takes on a continuing increment of deformation 
known as plastic flow or yield, usually very slow but persistent over long 
periods of time. This effect in members loaded as beams is sometimes 
known as “set” or “sag.” This increase in deformation with time is ordinari- 
ly less than half of the initial deformation but may become as much as the 
initial deformation without endangering the safety of the timber. It is of im- 
portance only where the long-continued or dead load is at or near the maxi- 
mum design level. It must be considered where deformation or deflection 
under long periods of loading must be limited in amount. This can be done by 
doubling any dead or long-time loads when calculating deflection, by setting 
an initial deformation limit at half the long-time deformation limit, or by us- 
ing one-half of the recommended value of modulus of elasticity in calculating 
the deformation. In any instance, it must be understood that the published 
values for modulus of elasticity will give the immediate deformation and that 
deformation will increase under long-continued load. The rate of deformation 
increases with temperature and moisture; total deformation is thus likely to 
be somewhat greater where the timber is subjected to varying temperature 
and moisture conditions than where the conditions are uniform. 

A study of the continuing increase of deformation may be used to evaluate 
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the safety of heavily stressed timbers. A deformation continuing to increase 
but at a decreasing rate even after a very long period of time does not pres- 
age failure. On the other hand, deformation that continues to increase at a 
uniform rate may be a danger signal, and when the increase is accelerated, 
failure is imminent. 


Fatigue 


The possibility of fatigue failures from repeated loads is generally less of 
a problem in wood structures than in those constructed of other materials. 
The fatigue strength for large numbers of repetitions of stress of fibrous ma- 
terials such as wood is a higher proportion of the static strength than of 
crystalline materials like metals. As a consequence, actual stresses ina 
wood structure are usually lower than the repeated stresses that will produce 
failure during the normal service life of the structure. 

This does not mean that the possibility of fatigue failure should be ignored 
in a structure that is likely to be loaded repeatedly a large number of times 
in service. If the magnitude of the repeated stress in service is lower than 
the fatigue strength for the type of stressing and the expected number of cy- 
cles of stress in service, the probability of failure in service due to fatigue 
is remote. 

Unfortunately the fatigue data available for wood and wood constructions 
are not sufficiently complete so that a quantitative prediction can be made. 
The resistance to fatigue is an important design consideration, and it may be 
affected adversely by abrupt changes in cross section, bolt holes, slope of 
grain, and knots in members that are subjected to repetitions of relative high 
stresses. 

Figure 2 shows the S-N (stress related to number of cycles to failure) 
curves for Douglas-fir and white oak in tension parallel to grain for a ratio 
of minimum repeated stress to maximum repeated stress of 0.10. These 
curves indicate that the fatigue strength for 30 million repetitions of stress 
is about 50 percent of the ultimate static strength. Ultimate tensile strength 
values of air-dry wood of the commonly used construction species range be- 
tween 8,000 and 20,000 pounds per square inch. Design stresses commonly 
are lower than 50 percent of this static strength, and danger from fatigue 
failure in service is thus minor. 

Fatigue tests in repeated bending of green 2- by 2- by 30-inch specimens, 
simply loaded, indicate that if maximum repeated stresses are below the pro- 
portional limit (60 percent of the modulus of rupture), the specimens will 
withstand 30 million repetitions of stress without failure and with only super- 
ficial damage at points of loading. Simple bending tests on green and air-dry 
2- by 4- by 43-inch specimens loaded at the third points substantiate the tests 
on the green 2- by 2-inch specimens. If maximum repeated stresses do not 
exceed the proportional limit in bending, failures due to repeated loads are 
unlikely. 

When repeated stresses in bending are sufficiently high so that compres- 
Sive stresses approach the ultimate compressive strength of the wood, com- 
pression failures may develop that become more severe with repetitions of 
stress until failure on the tension side also develops. The proportional limit 
stress observed in bending and the ultimate stress in direct compression are 
approximately the same. 
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The manner of failure of wood in fatigue is of importance. Wood failures 
from fatigue do not exhibit the brittle, crystalline failure characteristic of 
metals. At high levels of stress (70 percent or more of the static strength) 
the fatigue failure is complete, but appears no different than that of a static 
failure. At lower levels of stress the failure develops slowly in tension or 
bending, the initial failure extending across one or two annual rings. Addi- 
tional cycles of stress develop the failure further, and secondary shear 
failures become evident. 

Reversed stressing in tension-compression, due either to direct stressing 
or to bending, may produce a brash failure. If the stresses in compression 
are sufficiently high to produce microscopic compression failures, the fibers 
in the wood are damaged to such an extent that fatigue failure in tension 
develops. Tests of small cantilever bending specimens of air-dry solid wood 
and plywood subjected to fully reversed bending stresses indicate a fatigue 
strength for 30 million cycles of stress of about 30 percent of the static 
modulus of rupture of the specimens. Tests of small rotating beam speci- 
mens indicate a fatigue strength for 30 million cycles of stress of about 28 
percent of the modulus of rupture. 

Glued-laminated structural members behave no differently under repeated 
stress than do solid timbers. Fatigue tests of scarf-jointed specimens in 
tension, and glue lines in shear parallel to the grain of the wood have shown 
that the glue lines in a well made joint withstand repetitions of stress as well 
as the wood. In extensive tests of those types of joints glued with resorcinol 
resin there were no fatigue failures of the glue itself. Figure 3 presents the 
S-N curves in tension parallel to grain for white oak wood and for specimens 
with a glued 1:8 slope scarf joint. The location of these curves is so similar 
that the conclusion is warranted that when differences in static strength are 
eliminated (the scarf-jointed specimens were about 80 percent as strong as 
the solid specimens) the fatigue resistance of glued scarf joints can be con- 
sidered equal to that for wood. 

Tests of a laminated glue double-shear specimen indicated that fatigue 
strength for 30 million repetitions of stress, when the ratio of minimum re- 
peated stress was 0.10, was 40 to 45 percent of the static strength in shear 
for Douglas-fir and white oak. The fatigue strength for the 30 million repeti- 
tions was, therefore, about 300 and 500 pounds per square inch for the 
Douglas-fir and white oak, respectively. Actual shear working stresses in 
designs incorporating this type of joint are considerably lower than that, so 
danger from fatigue failure should be minor. Figure 4 shows the S-N curves 
for that type of stressing. Because all failures caused by both static and 
repetitive loading were in the wood itself, the values can also be considered 
as indicative of the shear resistance of wood. 


Evaluation of Old Timbers 


Normal aging effects in old structural lumber include weathering (in 
exterior exposure), seasoning, and plastic yield from long-continued load. 
Tests of old timbers showing negligible effects after normal exposure for 
100 years and more serious effects in periods of 300 to 1,300 years, may re- 
flect the results of a very slow chemical change, but this is not certain. 
Weathering is generally very slow, and its effects can be estimated from the 
amount of material lost from the exposed surface. The effects of seasoning 
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usually appear as checks or splits which are considered in evaluating the 
grade of old lumber. Plastic yield is discussed in the section on Duration of 
Load. 

In appraising the structural value of old lumber, the three principal con- 
siderations are species, grade, and condition. 

If a strength value or a safe working stress is to be assigned to old tim- 
bers, their species must be identified. This can often be done from visual 
examination in the structure, while in other instances it may require micro- 
scopic examination by a trained specialist. The Forest Products Laboratory, 
Madison, Wis., makes species identifications of wood without charge. Speci- 
mens for such identification may be as small as a pencil, but a specimen 
should always contain at least one complete annual ring. 

The safe working stress for old as well as for new lumber depends upon its 
grade. The most direct way of determining the grade of old lumber is by 
comparing it to published descriptions of existing standard grades of the same 
species. If there are no comparable existing standard stress grades, the lum- 
ber can be graded and its strength values estimated by use of the basic prin- 
ciples for the strength grading of wood. Such strength values are commonly 
expressed in terms of a “strength ratio,” the ratio of the strength of the tim- 
ber to the strength of the clear wood of the same species. For example, if a 
timber contains a critical knot which reduces its strength by 25 percent, its 
strength ratio is said to be 75 percent. The principles for determining 
strength ratios and their applications are given in American Society for Test- 
ing Materials D-245 “Methods for Establishing Structural Grades of Lumber.” 

The principal factors affecting the strength of structural lumber are knots, 
Slope of grain, splits, checks, and shakes. The effect on strength from knots 
is proportional to the size of the knot in relation to the width of the face of 
the timber in which it appears. The effect also varies with the position of the 
knot in relation to critical zones of tensile or compressive stress. The effect 
of slope of grain increases as the slope increases. Grain with slope less than 
1 in 12 has very little effect on strength. 

Shakes, splits, or checks affect the resistance of beams to horizontal shear 
stresses, and their effects are evaluated in terms of the reduction of effective 
resisting area on a horizontal shear plane. Splits and checks frequently oc- 
cur or are increased by the seasoning of timbers in service and are thus very 
common in old timbers. They can be properly evaluated only in relation to 
their position in the member and in the structure. Splits passing through 
fastenings may indicate overstress or, if independent of the location of the 
fastening, may be merely a normal seasoning effect. Splits at an inclined 
angle following a slope of grain are particularly dangerous, since they may 
cut a stressed timber entirely in two. 

Wood does not deteriorate from age alone during the normal life of a per- 
manent structure. If timbers in an old structure are in good condition they 
can be given the same working stresses as new lumber of the same species 
and grade. 

A common source of deterioration in old wood is decay. Decay develops 
only where the moisture content exceeds 20 percent and is most likely to be 
found in places like the bases of columns or in any undrained or unventilated 
pockets that may remain more or less continuously damp or wet. In treated 
timbers, it is possible for an outer treated shell to remain sound, while decay 

fungi entering through unprotected checks or holes completely rot the inner 
untreated portion. Since the extent of decay is hard to appraise and its effect 
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on structural properties may be very great, it is good practice to repair or 
replace any wood members showing decay in or near highly stressed zones. 

Other causes of deterioration may include high temperature, fire, or 
chemical exposure. Prolonged exposure of wood to temperatures above 150° 
F. will result in appreciable damage. Where fire has occurred the charred 
material obviously has no value, and darkened wood adjoining zones of char 
is probably seriously weakened. Effects of chemical exposure can rarely be 
detected by visual inspection, although some darkening of color or embrittle- 
ment of texture may be recognized. Examination of the history of the struc- 
ture may give a clue to the possibility of deterioration from these causes. 

The appraisal of old lumber in a structure may properly include examina- 
tion of the condition of load-carrying joints or fastenings of the wood mem- 
bers. Bolted or connectored joints should be tight. Nailed joints should be 
checked for the number and size of nails and their present condition. 

Reuse of old lumber assumes increasing importance with the present high 
prices and the shortages in the higher grades and larger sizes of new lumber. 
Old lumber has the advantage that it is usually thoroughly seasoned and can 
be refabricated with the assurance that it will maintain its size and shape. 
Nails in old lumber can usually be pulled out without serious damage. At 
Fort Lewis, Wash., it was reported that a dynamite charge inside a barracks 
building loosened nailed joints more easily and with less damage than the 
usual wrecking-bar methods. Construction employing bolts or connectors 
can be disassembled and reerected with little difficulty. In combining new 
material with old, best results are obtained when both are of similar species 
and grade and are at about the same moisture content. 


Respectfully submitted, 


A. C. Horner 

W. C. Lewis 

E. J. Ruble 

L. W. Wood, Chairman 
Sub-Committee of the Committee on 
Timber Structures of the Structural Division 
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Discussion of 
“REPORT OF ASCE-ACI JOINT COMMITTEE 
ON ULTIMATE STRENGTH DESIGN” 


(Proc. Paper 809) 


COMMITTEE CLOSURE—The committee wishes to express its thanks for 
the thought provoking and informative contributions to the subject of ultimate 
strength design presented by the various discussers. They have pinpointed 
those areas in which clarification or expansion of the report is necessary. 

Professor Benjamin points out that ultimate strength is a poor index of 
overall guaranteed performance, but the same may be said of allowable work- 
ing stresses with equal or even greater justification. The committee recog- 
nized that structural performance involves more than adequate load carrying 
capacity and under the heading of “General Requirements” specifically 
recommended that attention should be given to the deflection of members 
especially whenever the net ratio of reinforcement exceeds 0.18 ft,/ fy. By 
this warning the report implies that there are two conditions which must be 
satisfied. The first condition is that satisfactory overload capacity must be 
incorporated in any design to assure an ample margin of safety for unusual 
contingencies. The second condition is proper behavior with respect to de- 
flection under service loads. 

Professor Benjamin’s statement that ultimate strength design procedure 
and elastic analysis are incompatible when applied to indeterminate struc- 
tures stems from the fact that as ultimate capacity of an indeterminate struc- 
ture is approached, redistribution of moments to a major or minor extent 
must occur. Under such circumstances the relative magnitude of the 
moments at various sections and their relationship to the applied load cannot 
be predicted by elastic analysis. This fact does not, however, invalidate the 
application of ultimate strength procedure to indeterminate structures. The 
ultimate resistance of a given cross-section to bending moments and axial 
forces is the same whether it is located at midspan of a simple beam or over 
the column of a continuous beam. As clearly stated in the introduction, ulti- 
mate strength design procedure is confined solely to the determination of the 
ultimate capacity of a cross-section. It does not deal with the evaluation of 
the external moments and forces that act on a structure. 

Since its inception, the committee realized that a complete evaluation of 
the ultimate capacity of a structure must include limit design, i.e., the effect 
of plastic strains on moment redistribution. It was felt, however, that the 
preparation of recommendations for frame analysis taking into account re- 
distribution of moments would result in unwarranted delay in making avail- 
able to the profession the advantages of plastic design of reinforced concrete 
members. On the other hand, formulas for the determination of the capacity 
of a section in pure bending or combined bending and direct load could be 
well substantiated by tests. Because of this and also since the two design 
theories are independent it was felt desirable to restrict the study and inves- 
tigation of the present committee to a consideration of the strength of a 
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section. At the present time a joint ASCE-ACI committee has been estab- 
lished to fully explore the field of limit design and to make recommendations 
for its application to reinforced concrete structures. 

Professor Benjamin’s objection to the inclusion of recommended load fac- 
tors is difficult to understand. In presenting the selected combinations of 
overload factors it was recognized that they represent a simplification of the 
many variables underlying the value of load factors. Ideally, the overload 
factors given in equations (I) and (II) should be expressed as a function of the 
type of structure, type of load, quality of material, care in design, and the 
other variables which control the degree of safety required. From a practi- 
cal point of view the inclusion of so many factors and the complex mathe- 
matics expressing the inter-relationship is a refinement suitable for future 
studies. In this respect, it is the conviction of the committee that one of the 
intangible benefits of ultimate strength procedure is that as use of the 
method grows, future developments will lead to the use of overload factors 
specifically appropriate for each particular design. 

The observation made by Professor Benjamin that equation (9) and some 
others in the report are complex merits comment. From a casual study it 
does appear that these formulas are more difficult to apply than equivalent 
formulas based on the straight-line theory. This misleading impression is 
due to the fact that the formulas represent the final and complete expression 
for the capacity of a section in terms of all the variables, while the equations 
generally presented for design by the straightline theory are limited to the 
basic relationship of the equilibrium of forces and moments. These equations 
must then be solved by several substitutions to obtain the desired results. 
Those who have used ultimate strength equations for design are unanimous in 
their reaction that it considerably simplifies the calculations.* 

The committee is indebted to Mr. Martin for bringing to the attention of 
the profession the results of tests on long slender columns made to check a 
column formula proposed by Professor Luis Saenz. The tests indicate that 
except for a very narrow range in the vicinity of L/d = 15 the recommended 
reductions for the effect of slenderness are conservative. Even in the range 
of L/d = 15 the recommendations made in the report are conservative be- 
cause the test results in all likelihood represent the capacity of concentrical- 
ly loaded columns. For eccentrically loaded columns with the eccentricity on 
opposite sides of the column at the two ends, the effect of slenderness has 
been shown in a doctoral thesis recently completed at the University of ILli- 
nois to be much less severe. Since most construction falls in the latter 
category the proposed reductions are still very conservative. This is also 
borne out by the fact that the values given by equation (16) are more con- 
servative than the values obtained by the DIN Code (German Engineering 
Standards) and those permitted by the Czechoslovakian specification 
CSN1090-1948 supplement. In this connection, recent investigation has 
greatly improved our knowledge regarding the strength of eccentrically 
loaded slender columns and it can be expected that in the near future, great 
improvements will be made in the design of slender columns. 

The comments made by the Brazilian Portland Cement Association re- 
garding the long history of the use of ultimate strength design procedure in 
Brazil are a welcome addition. Its successful employment for so many years 
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in our southern neighbor, where most notable progress has been made in con- 
crete construction, should do much to increase and accelerate use of the 
method in this country. 

Professor Lorsch’s brief discussion emphasizes one of the many advan- 
tages of ultimate strength design procedure, in that it will lead to a uniform 
factor of safety throughout a structure. 

In his discussion, Mr. North indicates that according to the parabolic 
stress distribution the value of My could be as low as 0.285f,bd’ for 
fy = 60,000 psi. This value must have been obtained on the basis of a value 
of €, less than obtained in tests. For values of €,, = 0.0035, €, = 0.0017 
and Eg = 30 x 10° according to equations (40e), (42f) and (21) 


k_= 0.925 - 0.258 x 0.5 = 0.796 


= 01239 0488 x 0,25 = 0.437 
0.786 - 0.219 x 0.5 


6 
k = 0.0035 x 30 x 10 . 
0.6 
 €0,000 + 0.0035 x 50 x 10 


Hence by equation (18), the resisting moment at balanced reinforcement is 


M 


= 


fiba 


which agrees with the value of 0.313 in Table 5b. (The minor discrepancy 
between the two values originates from the fact that k; was rounded to 0.80 
in the report.) If the same ratio of elastic to ultimate strains is assumed 
the value of My/ f.bd” = 0.285 would be valid for an ultimate concrete strain 
of 0.0025. 

Mr. North, as well as Mr. Martin, advocates with some justification a 
variable factor of safety or overload factors in the range at which compres- 
sion commences to control. The committee gave this point considerable 
study but could not arrive at any simple way in which to provide for this de- 
sirable transition without having a complicated set of overload factors. 

The arbitrary limit on the percentage of reinforcement was established 
so that tensile strength controls for all members subject to pure bending. 
By this means ductile members are assured. The limitation was not intended 
to imply, as inferred by Mr. North, that compression failures are difficult 
and unsafe to predict. As a matter of fact, the variation between test and 
computed values was not any more marked for compression failure than for 
tension failure. Moreover, due to the severe criteria placed on the control 
of concrete, in all likelihood the factor of safety against compressive failure 
is larger than for tension failure. 

It is anticipated with publication of the report and as engineers become 
familiar with the design principles that further simplification will result. 
Figure 1, prepared by Mr. North, is indicative of this trend. Because of the 
brevity of Mr. North’s explanation it is impossible to determine the basis or 
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limitation of his figure. However, the correlation between values in the re- 
port and those obtained by Mr. North indicates the reasonableness of his 
charts. 

Mr. Long’s discussion of the effect of fatigue emphasizes that in addition 
to providing a margin of safety against overloading and other uncertainties 
satisfactory performance at service loads must be secured. This satisfactory 
behavior must, of course, include consideration of the effect of fatigue. The 
reduction in the capacity of members when subject to repetitive loading is 
well recognized, but quantitative data on the subject are quite meager. The 
curves of J. L. Van Ornum indicate that the endurance limit is about 52 per 
cent of the ultimate. There is some question regarding the accuracy of this 
low value. In his paper Van Ornum states: 

“It will be noted that the curve as drawn would become horizontal at about 
the 50 per cent load, which would fix the limit at which fatigue can affect con- 
crete at about half the strength of the concrete as usually determined. There 
is some uncertainty as to the exact value of this limiting percentage, but it 
is thought to be not great. The somewhat indefinite value of this limiting per- 
centage results from the fact that the tediousness of tests at low percentages, 
and other adverse conditions, prevented making such tests great enough in 
number practically to eliminate accidental results. 

“It will be noted that the result of the three compression tests made at 50 
per cent, at the age of 1 month, show an average failure at somewhat more 
than 17,000 repetitions. The writer thinks this result to be accidental, for 
the reason just given, because the 55% average of the 1-year compression 
tests is nearly double that value.” 

Statements made further in the paper indicate that some of the specimens 
loaded to 55 per cent of the static capacity could have withstood an infinite 
number of repetitions. When interpreting Van Ornum’s data it should not be 
overlooked that these tests were made prior to 1907 when concrete tech- 
nology was in its infancy. Lack of control of the concrete strengths undoubted- 
ly resulted in considerable scatter in test results. This scatter may account 
for the low endurance limit shown by Mr. Long’s Fig. 1. 

More recent tests reveal higher endurance limits for concrete. A staff 
article entitled “Austrian Fatigue Tests of Reinforced Concrete Beams,” ENR, 
May 16, 1935, reporting on conclusions reached by Dr. Saliger states, “The 
carrying capacity of the beams was not reduced by several million load 
changes (the applied load being limited to 55 per cent of the breaking load). 
Also there was no reduction in bond, or shear resistance nor in the compres- 
sive or tensile strength of the component materials.” From the contents of 
the article the impression is left that this is not the maximum value of the 
endurance limit but is simply the percentage at which the tests were made. 

Of particular importance to the engineer is the following passage, “Elastic 
recovery was observed in all fatigue tests, as shown by the reduction in de- 
formation during the rest period. Deformation and deflection during the ap- 
plication of the fatigue loads showed a tendency to attain a state of per- 
manency. The concrete became fully resilient as a result of the repeated 
load applications. Another particularly interesting observation was that the 
total and permanent deformations shown during the static deflection test in 
the range of working stresses were smaller for beams given a preliminary 
fatigue test than for beams not first subjected to repeated load applications. 

At the maximum loadings the deflections were the same regardless of 
whether the specimens were first subjected to a preliminary fatigue test.” 
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That the endurance limit can be well above 55 per cent was concluded by 
F. C. Lea in the article “Repeated Stresses on Reinforced Concrete,” Struc- 
tural Engineer, Feb. 1940, p. 511. In his introduction Professor Lea states 
“A number of workers have shown that when a concrete beam has been loaded 
a considerable number of times to specified maximum stresses, the static 
breaking load is not affected . . . it appeared that beams would probably fail 
under repeated loads of about 60 to 75 per cent of the static failing load.” 

A study of the tests reported in “Endurance of Reinforced Concrete Rail- 
way Bridges—Tests of Beams with Repeated Bending,” by R. Vallette in 
Publications of the International Association for Bridge and Structural 
Engineering, Vol. 8, 1947, p. 281, also indicates that the endurance limit is 
above 55 per cent. In these tests under static load the reinforcing steel 
reached yield point stress at approximately 50,000 psi. Under repeated load- 
ing, failure occurred in two specimens at a stress of 40,200 psi, which repre- 
sents 80 per cent of the static capacity. The number of repetitions for these 
two specimens was approximately 2,650,000 at this stress level. However, 
one of the specimens had been subjected to 3,000,000 repetitions at a stress 
of 28,800 psi before the stress was increased to 40,200 psi. No indication of 
failure was obtained at a stress level of 28,800 psi which represents 57 per 
cent of the static capacity. It therefore seems reasonable to assume that the 
endurance limit will be in the range somewhat above 60 per cent. 

The foregoing values are in general agreement with tests reported by M. B. 
LeCampus* and by M. Ros** which were quoted and discussed by C. S. Whit- 
ney in “Application of Plastic Theory of the Design of Modern Reinforced 
Concrete Structures,” Journal of Boston Society of Civil Engineers, Vol. 
XXXV, No. 1, Jan. 1948. 

The endurance limit for concrete is based on the stress varying from zero 
to its maximum value. In reality there will always be present in any struc- 
ture a constant stress. For this combination there is no available concrete 
test data. As pointed out by Mr. Long tests made on other materials do not 
indicate any specific relationship. According to C. R. Soderberg in the 
article “Working Stresses” the relationship may follow any of the curves 
shown in Fig. 19 in which 


the ultimate stress under repetitive loads varying from zero 
to a maximum value 


stress due to repetitive load 


ultimate stress for member subject to static or constant load 


= stress at section due to constant load 


Mr. Long, in view of the lack of data, has conservatively and judiciously 
chosen the curve marked A to compute the fatigue strength of concrete 


*“Recherches sur le Comportement du Béton et du Béton Armé soumis a 
des Efforts Repetes,” Compte Rendu des Recheres Effectuees en 1945-1946, 
Laboratoires du Batiment et des Travaux Publics, Paris, France. 
**“Festigkeit und Verformung von auf Biegring beanspruchten Eisenbeton- 
balken,” Bulletin 141, Swiss Federal Laboratory for Testing Materials and 
Research Institute, 1942, Zurich, Switzerland. 


oe 
| 


1382-8 ST 5 September, 1957 


members subject to repetitive loads. The equation of this curve is 


Oz lon 


— 
= 


(76) 
ou Ce 


Assuming that the effect of basic load* is constant, while the effect of live 
load is repetitive, equation (76) becomes 


B_ , Er. 
Ue (77) 


in which Ky represents the multiple of repetitive loads which can be carried, 

Ug equals the ultimate static capacity and Ue equals the endurance capacity. 
The two curves in Fig. 20 have been plotted on the basis of equation (77) as- 
suming Ue = 0.60U,. The ultimate strength curve is based on equation I and 
II using K = 1.8. For the straightline distribution curve, it has been as- 
sumed that the margin of safety is two. From these curves it is evident that 
the recommendations made in the report give a greater margin of safety 
against fatigue than that obtained by prevailing practice in the region where 
fatigue resistance is the lowest. When the ratio of live load to basic load is 
small the present practice is more conservative. But in this region the 
fatigue strength is relatively high. In view of this the suggestion made by 
Mr. Long that the overload factors should be increased does not seem justi- 
fied. 

Dr. Abeles’ extension of the data contained in the report into the field of 
high strength steel which has no definite yield point demonstrates the appli- 
cability of the design formula to all conditions. Dr. Abeles contends that the 
design formulas recommended in the report are somewhat conservative. 

This is true for small percentages of reinforcement because the high position 
of the neutral axis permits such large strains in the reinforcement that the 
ultimate strength rather than the yield point of the steel controls. However, 
for the average cases of p = 0.18 ft/fy, very close correlation is obtained 
between the values obtained by formula (2a) and test results. 

Although some of the ideas expressed by Mr. Mensch are at variance with 
those of the committee, the committee acknowledges the distinct contributions 
made by Mr. Mensch regarding the true behavior of reinforced concrete mem- 
bers. On the basis of his writings and his application of design formulas 
based on inelastic strains to actual design, Mr. Mensch must be recognized 
as one of the early pioneers in the field of ultimate strength design. 

Mr. Mensch’s equation (103) differs primarily from equation (2a) in the 
report in that equation (103) assumes a useful limit stress in the steel. This 
useful limit must be based on the percentage of reinforcement and some 
average value between the ultimate strength and yield point. 

As previously mentioned, the committee believes that basing the ultimate 


strength equation on the yield point stress of the steel is a more realistic 
appraisal for average conditions. 


*Basic load effect B for the design of arches, rigid frames and similar struc- 
tures includes the effect of dead load, creep, elastic action, shrinkage, tem- 
perature and settlement. For most structures and conditions such as build- 


ing frames of the usual types of construction, spans and story heights, B is 
only the dead load effect. 
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Mr. Mensch points out that equation (4) gives no credit to the compressive 
strength of concrete when the compressive and tensile reinforcement are of 
equal area, since p = p' and therefore the first term becomes zero. While 
from a theoretical point of view the stress in compressive reinforcement 
cannot for such a case reach the yield point, this discrepancy is unimportant. 
Under the condition of equal tensile and compressive reinforcement the 
strength of the member is controlled by tension. With the total tensile force 
known, the only uncertainty lies in the value of jd. Under normal conditions, 
the variation in the value of jd is quite small. Consequently, the approxima- 
tion made in equation (4) is justified. 


Other discussions of the Report of ASCE-ACI Joint Committee on Ultimate 
Strength Design have been published in Journal of the American Concrete In- 
stitute, Vol. 28, No. 6, Part Two, Dec. 1956. 


The following corrections to the report are noted: 


line 10 


last line 


page 10 change 0.40f,/ fy 


(Py P¢( 
0.408t,/fy 


0.408, /fy 
(Py, - Pp) 
0.40f,/fy 


page 10 change 


page 10 last line 
page 11 


page 11 


change 


equation (6) 


change Ag 


line 9 change Ag Ast 


page 11 
page 13 
page 39 
page 47 
page 47 
page 59 


footnote 
equation (16) 
Fig. 6 

line 19 
equation (38) 
equation (74) 


add 

change 
change 
change 
change 


change 


* 


0.4L/d 
p'm/(1-d'/d) 


first note 
0.04L/d 
p'm(1-d'/d) 


to 
to 
to 
Po 
to fi 
- 5 +d') to (-e' - 5 + d) 
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{Ultimate strength 
—— recommendations 


Kri 


1.2B+2.4L O6(.2B+ 2.4L) 


or 


B | 
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Discussion of 
“STRESSES IN PRESSURE PIPELINES AND 
PROTECTIVE CASING PIPES” 


by M. G. Spangler 
(Proc. Paper 1054) 


M. G. SPANGLER.!—The several discussions of the writer’s paper are 
particularly welcome additions to the literature on this subject in that they 
tend to emphasize the need for extensive research and determination of facts 
relative to the problem of stresses and deflections in pressure pipelines and 
protective casings. The paper was prepared as an a priori attempt to apply 
reasonably well established principles to a relatively new situation, and the 
writer wholeheartedly agrees with Mr. Neufeld’s characterization that it is a 
“starting point” from which it is hoped that progress toward practical solu- 
tions of the many and varied structural problems in connection with pressure 
pipelines and pipeline crossings can begin. 

The suggestion to use only a single axle load of a locomotive for determin- 
ing the live load transmitted to a casing pipe under a railroad track is prob- 
ably too conservative. This opinion is based on several facts. In the experi- 
mental research which established the Boussinesq theory as a criterion for 
calculating live loads on underground conduits, the amount of load transmitted 
to the test conduit was considerably less than the theoretical in most trials. 
Only rarely did the actual load equal the calculated load. Also, the test con- 
duit was of a rigid type, whereas a casing pipe is flexible and there is some 
question as to whether the load transmitted to a flexible pipe would be as 
great as that to a rigid structure. Furthermore, a locomotive axle load is a 
fleeting load operating on a smooth surface and there is evidence that such 
an applied load does not produce as much effect on an underground structure 
as a static load. All of these considerations, plus the use of a relatively high 
impact factor, lead to the conclusion that considering only one axle of a loco- 
motive may be over-conservative. 

With reference to maximum permissable deflection of a casing pipe, it is 
the writer’s opinion that deflection should be limited to that which will main- 
tain adequate clearance between the casing and the carrier pipe. This will 
involve a consideration of the position of the carrier pipe in the casing, as 
well as loads on the casing, its inside diameter, and other physical properties. 
The ratio of the casing pipe deflection to its normal diameter is not impor- 
tant in this connection. 

The ability of soil to resist movement by the development of passive re- 
sistance pressure is widely recognized, but a quantitative prediction of the 
value of the modulus of passive pressure—“e”—remains very difficult. This 
is probably the area of greatest need for research in connection with flexible 
underground conduits. Measurements and estimates of the value of this 
modulus have varied from 12 psi per in. to approximately 180 psi per in., a 
tremendous range. The lowest value was measured in connection with a 


1. Research Prof., Civ. Eng., Iowa State College, Ames, Iowa. 
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sandy loam soil shovel-placed at the sides of a flexible pipe without compac- 
tion. The highest value was estimated in connection with a very granular 
material which was compacted to Proctor density at the sides of a pipe. 
About all that can be said with certainty at the present time is that the modu- 
lus is greatly increased by compaction and that graded granular soils develop 
more passive resistance pressure than fine-grained soils of relatively low 
density. 

All of the measurements and estimates mentioned above have been made 
in connection with fill soil. The writer does not know of any similar meas- 
urements with reference to relatively undisturbed soil, such as that which is 
involved at the sides of a casing pipe installed in a bored hole through an em- 
bankment. It seems logical to conclude that such material would develop a 
relatively high modulus of passive pressure. Of course, the sides of the pipe 
must be in intimate contact with the sides of the bored hole before any passive 
resistance pressure can be developed. 

Mr. Richardson’s comments relative to equation (25) of the paper are of 
interest. He is correct in pointing out that the right hand term of the equation 
should contain x’ instead of Ax. As to the units of W,, they of course, 
should be compatible with the units of p and Ax in the same equation. 
Another typographical error in connection with equation 5 should be mentioned. 
The right hand member of this equation should contain z* in the numerator, 
to read" 0, = 3Pz" 

° 

The writer agrees with Mr. Richardson’s statement that the rise of the 
top of the pipe when internal pressure is applied will bring about an increase 
in the vertical load, W,. However, the magnitude of the movement as Ax 
reduces to Ax' will be small for line pipes and it seems probable that the 
increase in We will also be small. Certainly the amount of movement will 
not be sufficient to reverse the direction of the shearing forces at the sides 
of the trench as suggested. This is another area in which research is needed 
to reveal factual information. 

It is not usual practice at the present time to compact the soil at the sides 
of a line pipe in a trench during backfilling operations. Therefore, equation 
25 was developed upon the assumption that no lateral forces exist on the sides 
of the pipe, as indicated in Fig. 10. If such forces do exist prior to the intro- 
duction of internal pressure, it seems certain that they would be eliminated 
by the reduction in horizontal diameter as the pipe assumes its equilibrium 
deflection. 

The writer is grateful to the several discussers of the paper and their 
constructive contributions to the subject. 


Discussion of 
“MOMENT DISTRIBUTION CONSTANTS FROM MODELS” 


by Otakar Ondra 
(Proc. Paper 1058) 


F. J. CAIN,! and G. Luck]; Junior Members, ASCE.—The problem of de- 
termining the moment distribution constants for beams with variable moments 
of inertia can be an extremely tedious one, using the classical methods of 
column analogy or substitution in elaborate formulae. In the past, methods 
have been presented to reduce the labor involved, but none are consistent 
with moment distribution method itself. 

The author, in his paper, has offered a unique method which requires the 
construction of a wooden model and the use of weighing apparatus to deter- 
mine these constants. The theory presented is extremely laudable and the 
simplicity of the model analysis greatly commendable. However, there 
exists in all model analysis inherent errors due to poor similitude, measure- 
ments, and nonhomogeneous materials. This coupled with the fact that the 
building of models is impractical in most engineering firms, might present 
serious objections to Mr. Ondra’s paper. 

In his conclusion, nonetheless, the author states that the properties of the 
solids may be estimated for the purpose of preliminary design. The writers 
believe that all the criteria necessary for the application of the pressure 
solid theory may be determined precisely, by simple statics, for use in 
either preliminary or final design. 

The analogy of the pressure solid is reminiscent, in form at least, of a 
simply supported conjugate beam with an extra dimension of depth added. 

All the properties of the solids determined by weighing may be found by as- 
suming a unit weight and solving, by first moments of masses, for the appro- 
priate reactions, weights and centroidal distances. 

The writers will attempt to illustrate the simplicity and rapidity of this 
modification by re-solving the example used by the author. The problem as 
states is a deepened beam with a load at a quarter point. See Figure la. 

Following the basic concepts as set up in the original paper, two ortho- 
graphic views, plan and elevation views, are sketched, taking care that all 
corners are individually labeled and all dimensions clearly shown. Figure 
1-b and c. It may be noted here that relative values may be substituted for 


the a values in the case of carry-over factors, which are ratios rather than 
absolute values. 


1) Carry-over factors 


By pressure solid definition the carry-over factor from a to b 
equals. 


1. Graduate Assistants, Dept. of Civ. Eng., Lehigh University, Bethlehem, 
Pa. 
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Eq. 1 


To solve for carry-over using the principles of first moments from statics, 
the views of the pressure solid are broken up into as many sections as is con- 
venient, remembering particularly that it is divided diagonally across the 
front view (elevation). Rectangular and triangular shapes are recommended 
by the writers. To determine reactive weights from moments of masses, a 
unit weight (w) must be assumed. If w is given the value of unity throughout 
the problem, , the final results will be consistent with the prototype beam. 

With the solid subdivided it remains to take moments about the opposite 
corner of each separate wedge, as a simple supported beam, for the reac- 
tions Ra and Rp as well as R,' and as well as Ra’ and Ry" Moments 
about line b b of wedge a b'b yields Ra and so on. These calculations are 
shown on page 6. With Rag, Rp, Ra and R,' known, the carry-over factors 
are determined by equation 1. 


2) Stiffness Factors 


The stiffness factors for a beam are given by the equations 


Rp P 


Sa = A(R 


Ra'P 
Sp = 7 
A(RZ W-R,W’) 
The values required are indicated on the drawings of page five and each 
may be determined by simple arithmetic as shown on page six. The writers 


. values be carried through the computation, i.e., 


that relative El 


El, = 3 EI, (Page 7). 


3) Fixed End Moments 


In the determination of fixed end moments, some of the properties 
required are by-products of the stiffness-factor calculations. These 
are the values of xp and x,. To complete the fixed end moments only 
the volume and centroidal distance of the “force diagram” are required 
(Fig. 1d). It remains only to substitute these terms in the formulas: 


| 


-(i-KL) + 2 + e(ieXe) 
AL ¥e 


Ra 
Cab = Rb 
Rb’ 
Cha = Ra’ 
b toa 
Eq. 2 : 
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The author in his conclusion states that “the method has been extended to 
the determination of moment distribution constants of symmetrical arches 
with constant or variable moments of inertia” and “that a separate paper will 
be submitted if the readers’ interest warrents it.” Since the greatest prob- 
lems are incurred in unsymmetrical arches the writers would appreciate Mr. 
Ondra’s submitting this other paper so that they may determine whether 
statical moments might be applied to arches as it has been to beams. 


~ 
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OTAKAR ONDRA,* A.M. ASCE.—Mr. Murphy’s discussion is primarily 
concerned with the accuracy of column analogy computations performed by 
the segment (approximate) versus integration (exact) procedures. He points 
out that errors of the order of fifteen per cent may be involved when the seg- 
ment method is used. This would indicate that the writer’s experimental 
method is more accurate than the numerical segment method which computers 
prefer to integration. 

It is not generally realized that the column analogy method applied to 
actual design problems (for example, cover-plated WF beams) is apt to yield 
rather inaccurate results whether segments or integral calculus are used. 
This is particularly true of the fixed-end moment at the far end of the beam 
(the end which remained fixed for the purpose of obtaining the bending 
moment diagram for the member rendered statically determinate). The 
reason for this is that small differences of large numbers may be involved 
in the calculations. Although errors depend on the position of the load, the 
choice of the determinate structure, and the configuration of the 


Fi -diagram, the writer’s experience indicates that, in general, slide-rule 


calculations are inadequate to guarantee an accuracy within fifteen per cent. 
Occasionally a multi-digit calculating machine is prerequisite when a five 
per cent accuracy is required, regardless of the number of segments used, 
and notwithstanding the use of integral calculus. In rigid frames and elastic 
arches (bi-axial bending of analogous column section) a third term enters 
into the indeterminate moment function so that the accuracy of the arith- 
metical computations is further impaired. 

The unreliability of slide-rule evaluation of the segment properties or 
integrals is not peculiar to the column analogy method alone. It also exists 
in the neutral-point method. Although the neutral-point reactions can be 
computed by slide rule with a good degree of accuracy (the reactions are ex- 
pressed as ratios of similarly affected quantities) a potentially significant 
error may appear when the neutral-point reactions are transferred to the 
supports of the member, frame or arch. The same danger of quite inaccurate 
results is present in solutions found by the general method for indeterminate 
structures in which simultaneous equations with coefficients of a comparable 
order of magnitude must be solved. 

Mr. Murphy states that “The author’s concept of using a solid model is a 
physical application of the principles of the column analogy... .” This is 
true in the sense that the writer’s working equations (Eqs. 14, 15, 16, etc.) 
are equations borrowed from the column-analogy approach. These equations 
were used merely to avoid lengthy derivations with which students of modern 
methods of analysis are quite familiar. Actually the column analogy is not a 
special method of analysis in the sense in which the moment-distribution 
method is different from each of the other methods. It utilizes a conveniently 
arranged bending-moment diagram which permits the finding of the comple- 
mentary moment which is due to the indeterminacy of the structure. By co- 


*Prof., Civ. Eng., Manhattan College, New York, N.Y. 


1382-22 ST 5 September, 1957 


incidence this is done in a manner analogous to the solution of an elementary 
problem of strength of materials. It can be readily shown that column 
analogy applied to beams is identical with the conjugate-beam method. One 
only needs to write the equation of rotational equilibrium of the conjugate 
beam by taking the sum of the moments of the s loads about the centroid of 
the part of the At -diagram corresponding to one of the redundant fixed-end 


moments. If the conjugate-beam load-diagram is properly prepared the 
column-analogy equation can be read from it practically without derivation. 


The conjugate-beam method has in its background the integral Macs 
dM 
M qQ dx 
(Maxwell-Mohr) or f <a (Castigliano), which are deflections of the 


fundamental strain-energy concept. Obviously then, each of the available 
methods of analysis, excepting the moment-distribution method, are varia- 
tions of the strain-energy method in which the external work done by real or 
fictitious loads is equated to the internal energy stored in the structure as a 
result of deformation. 

The writer does not claim any originality for his working formulae for 
which credit is due to Maxwell and Mohr, and others who have applied their 
fundamental concept in their own ingenious ways. The radical difference be- 
tween the existing methods of evaluation and the pressure-solid approach is 
the replacement of summations or integrations by weighing. 

In the fourth paragraph of Mr. Murphy’s discussion the last sentence 
should obviously read “Volume B is a solid whose base varies inversely 
as the cube of the distance. ...” Furthermore, to be mathematically correct 
the same sentence should continue “measured from the mid-point of the 
beam and whose height varies in the same relationship as for Volume A.” 

According to Mr. Murphy’s exact solution the area A of the analogous 
column is 0.836 L. This differs by nearly one per cent from the writer’s 
value of 0.844 L (all arithmetic calculations done mentally, no slide-rule 
work involved). Obviously, the small discrepancy is trivial but it is pointed 
out to show that “exactness” is a concept relative to the computer and his 
tools. 

Mr. Fok has presented a very thorough and valuable discussion of the ac- 
curacy and relative merits of numerical methods of analysis and the experi- 
mental methods pioneered by Professor W. J. Eney, as well as the experi- 
mental pressure-solid method proposed by the writer. He is to be commended 
for being likely the first engineer who has applied the proposed method out- 
side of Lehigh University where it was developed* and Manhattan College 
where it is being used by senior civil engineering students in their Structural 
Analysis Laboratory course. Mr. Fok’s appreciation of the pressure-solid 
concept as an aid in visualizing the effects of a variable moment of inertia 


*Ondra, O., “The Determination of Moment Distribution Constants of Mem- 


bers with a Variable Moment of Inertia,” Dissertation; Lehigh University, 
1955. 
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upon the several moment distribution constants applies equally to the design 
office and the class room. 

From the academic point of view it is interesting to know the degree of 
accuracy of the moment-distribution constants obtained by the various avail- 
able methods. However, in practice the constants are seldom the ultimate 
objective of the computer. The moment distribution method in which these 
constants are generally used has the unique feature of dissipating the effects 
of erroneous and even incorrect values of carry-over and stiffness factors 
throughout the structure. This also applies to occasional arithmetical errors 
such as when an incorrect moment (magnitude or sign) is carried over into a 
joint or when an incorrect sign is written down while balancing a joint. 

To be practical the discussion of the accuracy of results must go beyond 
the moment-distribution constants. It is possible that for certain configura- 
tions of members in the statically indeterminate structure and for certain 
positions and relative magnitudes of loads, the calculated stresses in the 
structure may be sensitive to the accuracy with which the constants were 
computed. However, it is the writer’s reserved opinion that this is seldom 
the case. While analyzing continuous WF beams with variable moment of in- 
ertia effected by substantial cover plates in the mid-span regions and top and 
bottom tie plates over the interior supports, it has been the writer’s experi- 
ence that it made little difference in ultimate results (reactions and bending 
moments) whether the variation of moment of inertia was considered or the 
constants corresponding to the respective WF sections alone were used. It is 
pointed out that these were actual structures and not text book problems. 

The same conclusion was reached with fixed-ended and pin-supported bents 
made up of similarly built-up members. Obviously, this limited experience 
does not imply that the relative indifference of reactions and joint moments 
to the variation of I is always the case. Clearly, the values under considera- 
tion are those of shears and bending moments alone; the unit stresses are 
always dependent upon the actual cross-section properties. 

Mr. Michael J. Link* repeated a part of Mr. Fok’s investigation by the 
pressure-solid method, using a piece of fir 2x 4x 16 in. His values of stiff- 
ness and carry-over factors are given in the following table together with the 
pertinent data reproduced from Mr. Fok’s contribution. 


MOMENT DISTRIBUTION CONSTANTS 


ij 

> 

| | 3 ea | 
Od | as | #2 
a> Jas] wee see 


Stiffness Sy 
Stiffness Sp 
Carry-Over Factor C AB 


Carry-Over Factor Cp A 


*Senior student, Civil Engineering Department, Manhattan College, New York, 
N.Y. 


“7 
| 
0.448 | 2.23 | 0.453 | +1.11 | 0.439 | -2.00 
- 0.684 | 2.64 | 0.696 | +1.76 | 0.701 | +2.49 
0.704 | 1.71 | 0.735 | +4.40 | 0.722 | 42.56 
0.461 | 1.09 | 0.440 | -4.55 | 0.452 | -1.95 
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Eq. 13, which relates the four factors, was vsed in conjunction with their 
plot to adjust Mr. Link’s results. Had the two stiffness factors been con- 
sidered correct (which is nearly true of Mr. Link’s values) the graphical ad- 
justment would have yielded carry-over factors in extremely close agreement 
with the P.C.A. Handbook of Frame Constants values. Since in an unsolved 
problem it would be difficult to predict which of the experimentally determined 
factors deviate less from true values, an impartial graphical adjustment was 
carried out. It is seen that the maximum per cent error was reduced to 2.56 
and that the average error in the four factors is 0.28 per cent. 

The writer believes that it is impossible to decide whether the carry-over 
or the stiffness factor values are more reliable for the purposes of Eq. 13. 
The experimentally and analytically determined values on file for a number 
of beams are inconclusive. Furthermore, Eqs. 6 and 7 do not lend them- 
selves to a qualitative analysis of relative errors. The denominator of Eq. 7 
can be written in the equivalent form -A (2 X, - 1). The ratio 2 is ob- 
tained indirectly by weighing and is therefore subject to experimental error. 
Since x, is always smaller than L, the difference between the experimental 


and true values of (3 Xe - 1) in Eq. 7 will be always less than the difference 


between the experimental and true values of the carry-over factor expressed 
by Eq. 6. However, in Eq. 7 the expression in the parentheses is multiplied 
by A, which is determined by weighing. But A may be accurate or inaccurate 
in value, accurate in value but inaccurate in configuration (compensating in- 
accuracies in cutting), or inaccurate both in value and configuration. If the 
latter is inaccurate it affects the location of the center of pressure and con- 


sequently the weighed reactions of the pressure solid, and the value of ° : 


Mr. Fok’s observations with regard to the time factor are essentially cor- 
rect. The engineer who has gained sufficient skill in performing the type of 
calculations under discussion and who is also familiar with the pressure- 
solid method will probably prefer the former. However, it must be remem- 
bered that in actual design problems the ultimate moment of inertia and its 
variation are unknown. Rough relative values may be estimated by assuming 
each member of the statically indeterminate structure to be fixed-ended and 
thus subjected to the effect of the loads acting on it alone. When the pre- 
liminary analysis of the composite structure is completed the I-values may 
be revised and the variation within each span estimated by means of sketch- 
ing the deflected shape of the structure, or the influence lines for the support 
and joint moments using the Mliller-Breslau principle (the basis of experi- 
mental work with cardboard or celluloid models). In any event several pre- 
liminary analyses must be carried out before the final moments of inertia 
can be obtained and the design completed. 

Whenever the relative moments of inertia are changed, nothing except the 
computer’s experience can be salvaged from the preceding calculations. 

This is true of each of the moment-distribution constants as well as the 
actual balancing of moments, sidesway correction, etc. On the other hand in 
experimental work with celluloid or pressure-solid models, the bulk of the 
work required consists of preparing for the actual experiment, that is, 
mounting the deformeter gages for the given spans and cutting the model to 
represent both the linear geometry and the elastic flexibility of the prototype, 
or setting up the scale and supports for the several weighings, and fashioning 
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the wooden solids. The actual model readings and calculations are quite sim- 
ple and expedient. Now, if the moments of inertia of the prototype are sub- 
sequently changed, it becomes a relatively easy matter to remove excess 
model material by sawing or filing. None of the preliminary preparatory 
work need be repeated. 

It is nevertheless doubtful that experimental methods of analysis will gain 
much ground in design offices and in routine work in general. Their chief 
value is in their application to complicated problems as pointed out by Mr. 
Fok, and in research or in situations where utmost refinement of design is 
necessary because of cost, weight, safety, etc. (production-type structures, 
elements of machines, airplane and submarine frames, etc.). 

Perhaps the greatest merit of experimental analyses lies in their value as 
a teaching aid in developing and demonstrating the various theoretical 
methods of analysis; in emphasizing the fact that, unlike the case of statically 
determinate structures, analysis and design must be considered simultane- 
ously because one affects the other; in making it possible for the novice to 
pre-design structures intuitively, which would be impossible without years 
of first-hand design experience. 

The writer thanks Messrs. F. J. Cain and G. Luck for their independent 
check of Example 3 to which they added the calculation of fixed-end moments 
caused by a concentrated load. Their results agree with the writer’s values 
shown on pages 1058-27 and 1058-28. However, he does not agree with their 
value of Mj) = +0.36 ft-lb., which by column analogy (and also by check of 
Messrs. Cain and Luck’s arithmetic) appears to be of the order of -0.69 ft-lb. 
and differs from the former value by some 292 per cent. Ironically, this mis- 
take supports the writer’s point of view as to the desirability of a numerically 
independent solution provided by experiment. This would be especially true 
of a problem more complicated than the one under consideration. 

The writer believes that the word “method” or “approach” used instead of 
“paper” at the end of the second paragraph in Messrs. Cain and Luck’s con- 
tribution would more appropriately express their thoughts. 

Their devious manner of calculating the constants seems to be a regretta- 
ble misconception of the writer’s original purpose in submitting his method. 
Although he appreciates their effort, he must reemphasize that the obvious 
purpose is to replace summation or integration by weighing. Actually, 
Messrs. Cain and Luck integrate in their work without realizing it. They do 
so while taking advantage of familiar formulae of solid geometry which ex- 
press the volume of a prism of constant width and locate its centroid (the 
actual pressure- and load-solids are regarded as made up of two prisms 
having each a rectangular base, or as the difference of two such prisms). 


This short cut can be used only because of the extreme simplicity of the a - 


diagram. In more complicated situations Messrs. Cain and Luck could not 
avail themselves of existing formulae. Their only way out would be to resort 
to the segment or integration calculations. The use of the writer’s working 
equations in terms of weights would only complicate their problem and con- 
fuse the reader. 

To those who for one reason or other object to experimental methods of 
analysis the writer recommends the use of his version of working formulae 
as expressed by Eqs. 6, 7 and 8, and their adaptations to support b. These 
equations have been reduced to their simplest possible form. The nomen- 
clature is simple in form and concept and lends itself to diagramatic 
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interpretation. The well known relationship expressed by Eq. 13 should be 
used to check the results. To evaluate the fixed-end moments the column 
analogy method will be unquestionably the most convenient one, particularly 
in view of the fact that values of A, Qa and Jg are already known. J¢ is 
readily obtained from J, by the parallel-axis theorem, and x, is the ratio 
2. All necessary calculations can be conveniently arranged in tabular form. 
If integration is preferred to the segment method, the former may be carried 
out in tabular form. The integral sign need not even be shown. 

The answer to Messrs. Cain and Luck’s query as to “whether statical mo- 
ments might be applied to arches... .” is “yes.” It is added, with some re- 
grets, that a good number of summation or integration calculations must also 
be performed. 

In conclusion the writer wishes to thank each of the four engineers or 
graduate assistants for their interest in his work and their contribution to 
the paper. Their apparent preference for purely numerical solutions is in- 
dicative of the need for continued efforts to simplify the existing methods and 
arrangements of calculations. As a further step in this direction the writer 
will submit a separate paper in which an attempt will be made to meet the 
needs and preference of the design engineer. 


Erratum, Paper 1058, page 24. A typographical error appears in the first 
paragraph of article 13. An integral sign should precede a 
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Discussion of 
“INTERNAL TIES IN SLOPE DEFLECTION AND 
MOMENT DISTRIBUTION” 


by Morris Ojalvo 
(Proc. Paper 1096) 


The writer wishes to thank Professor Bignoli for his comments. 


MORRIS OJALVO, A.M. ASCE.—The reservations expressed by Professor 
Bignoli in his discussion (1259-15) are that the procedure using the concept 
of internal ties introduces additional complications in the case of structures 
with orthoganal members and that the writer makes use of equations (pre- 
sumably in the solution by slope deflection) in which the only unknowns are 
the changes in the lengths of the ties (As). 

The latter will be discussed first. Lines 22 to 24 of page 3 of the paper 
are cited by Professor Bignoli in support of his contention. They read as 
follows: “In this manner these equations (slope deflection equations concern- 
ing the equilibrium of forces acting on a portion of the structure) turn out to 
be independent of the joint equations (slope deflection equations that equate 
the moment of a joint to zero) and therefore useful in the solution of the un- 
known As and @s.” The words in the brackets do not appear in lines 22 to 
24 of the paper but have been inserted here for clarity. In the paper the 
words in the brackets appear in the first paragraph on page 3. The writer 
does not see where this implies that an independent system of equations in 
terms of joint translations alone is being proposed for the slope deflection 
method. In fact, the outlined procedure varies from the conventional in only 
one major respect. It proposes that the changes in the diagonal distances be 
taken as the basic quantities by which joint displacements are expressed. 

The equations on pages 5 to 9 are used in the solutions of the illustrative 
problems by the moment distribution method. As is usual these equations 
are in terms of quantities (R; and R2) from which the As may be readily cal- 
culated. The joint rotations do not appear. This is so because the balancing 
of the moments in the moment distribution process gives a solution of the 
structure with the non-translating joints without recourse to simultaneous 
equations to solve for joint rotations. 

The writer agrees that some extra complication results from the use of 
internal ties in the case of structures with orthoganal members. However, 
for most cases this extra complication consists of the introduction of an 
extra sine or cosine term in the work. For a rectangular Vierendeel truss 
the extra complication arises from the necessity of calculating angles such 
as a, B, and ¥ of figures 3 and 4 of the paper. This is not difficult or 
tedious according to the method outlined in the last paragraph of page 3. The 


writer wishes to draw attention to his conclusions as stated on page 9 of the 
paper. 


Corrections: 


Page 7 - on lines 14 and 15 of the second column add -450 and 450 re- 
spectively. 
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Page 9 - line 16: change = to - to read -6EK I 


Page 14 - on line 10 of the second column add 525. 


Page 16 - Table 8, for member Mo U,, s = -1.000 
for member U, U3 ,s = -1.600 
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Discussion of 
“INFLUENCE LINES FOR CIRCULAR RING REDUNDANTS” 


by Henry M. Lummis III 
(Proc. Paper 1097) 


HENRY M. LUMMIS III, A.M. ASCE.—Professor Harold G. Lorsch’s dis- 
cussion of the paper is appreciated. However, it appears that Professor 
Lorsch has misinterpreted the thought and method which are used in that por- 
tion of the paper titled “Extension for Rings with Tangential Shear.” 

In many engineering problems the structural ring is used. For example, 
when a long relatively thin cylinder is used as a pipeline or penstock, it is 
necessary to install structural rings at various points to preserve the circu- 
lar shape and to carry the weight of the steel, fluid, etc., to the foundation. 
The entire paper, including the “Extension for Rings with Tangential Shear,” 
is concerned only with the design of this structural ring and not with “the 
analysis of a pipe either very short or very long” as is stated by Professor 
Lorsch. 

If such a pipe is supported by rings at equal intervals and the total weight 
of the pipe and its contents between the support rings is W, the question 
arises as to how this weight W enters the relatively stiff ring. In the paper 
this weight is assumed to enter as tangential shears with the magnitude of 
the unit shear at any point on the ring being a function of the sine of the angle 
to the point in question. This assumption is the one most usually accepted in 
the case of transverse shear from relatively thin cylinder entering a rela- 
tively stiff structural ring. (1) Using this reasonable assumption along with 
the other four in the paper, the various curves and tables were developed. A 
similar explanation as to the distribution of unit shears imposed on a ring by 
applied moment can be made. 

A further clarification seems necessary with regard to the use of the paper 
in the analysis of a ring acted on by tangential shears. Naturally, the ring 
must be in static equilibrium. Therefore, when a ring is acted on by tangen- 
tial shears, it must be balanced by other equal and opposite loads. In the 
Example Design of the paper, the tangential shears acting downward are 
balanced by the two 10 kip loads acting upward. A ring loaded in this manner 
must be analyzed by superposition when using the paper. The concentrated 
loads must be taken separate from the tangential shears. First the moment, 
shear and thrust at any point on the ring are calculated for the concentrated 
loads and their redundants (see Figure 12 of the paper). This, of course, is 
not the final moment, shear or thrust at the point in question. The moment, 
shear and thrust caused by the tangential shears and their redundants must 
be added. This is done separately by superposition. That portion of the 
paper in question completely calculates this moment, shear or thrust. It 
does this by using the formulas derived in the first portion of the paper. 

Professor Lorsch’s misinterpretation of the paper is further illustrated 
where he states “Figure 9 purports to show moment, shear and thrust at any 


4Chief Engr., Southern Illinois Steel Products Corp., Metropolis, Ill. 
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point of the ring section, etc.” Figure 9 shows moment, shear and thrust at 
any point on the ring due to the tangential shears and the neutral point re- 
dundants caused by these shears. Therefore, the internal stresses are defi- 
nitely not neglected as Professor Lorsch states. With regard to Figure 10, 
the curves are naturally not circularly symmetrical since they are not a 
function of the torsional shear stress distribution alone but also a function of 
the neutral point redundants caused by these shears (see formulas 16, 17 and 
18). 

It should be pointed out again that the portion of the paper devoted to tan- 
gential shears cannot be used alone. It must be used as an aid in analyzing a 
circular ring by superposition, taking the tangential shears separate from 
other loads. 

In conclusion, it is believed that the original paper is correct as presented 
and that the circular ring can be very easily analyzed using the curves and 
tables presented therein. The results will be as accurate as may be obtained 
by a long indeterminate analysis. Professor Lorsch’s time, effort and inter- 
est in the paper are greatly appreciated. 


REFERENCES 
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Discussion of 
“EFFECTS OF CAMBERING OF STEEL WF BEAMS” 


by Harry H. Hill 
(Proc. Paper 1146) 


EDWIN W. THOMAS. !—Two potentially useful applications of the mechanics 
of inelastic bending of beams have been presented: (a) a method by which 
residual stresses in cambered beams and their effect upon reloading may be 
evaluated, and (b) a means by which the necessary bending moments may be 
estimated to provide a selected camber. It appears likely that the former 
operation would have the more general application and usefulness, inasmuch 
as mill practices in furnishing camber in beams are well established and 
standardized. It is suggested further that residual stress determination will, 
in general, be of greatest interest in limit design or other ultimate strength 
methods, which for steel structures have not yet gained general acceptance. 
Except for possible unusual loading conditions, conventional safety factors in 
structural practice have proven to be adequate allowance for residual and 
most secondary stresses in beams and girders. 

The paper suffers somewhat from a complete lack of definition of terms 
and some apparent duplication of meaning in the notation. The use of “y” as 
both a dependent and an independent variable in Figure 1 is an instance. 
Another is the use of the subscript “C” where capital “C” is a point of zero 
residual stress, and “c” (lower case) is the distance from the neutral axis to 
the extreme fiber. It is suggested that separation of the analytical derivations 
and their applications into two parts would assist the reader in evaluating the 
utility of the analytical methods given. It is not immediately apparent to the 
reader that the evaluation of integrals and cumbersome algebraic expressions 
which are essential in the derivations, are not required for computation of 
stresses and deflections. 

The solution for residual stresses follows straightforward methods for de- 
formations beyond the elastic limit as described by Seely, Timoshenko, and 
others. In the author’s explanation of the stress distribution diagrams of 
Figure 2, however, he states that S, is greater than S,, implying that S, is a 
fiber stress of greater magnitude than the stress at yielding, whereas S,; must 
be the change in the extreme fiber stress during unloading; i.e., it is the 
algebraic difference between the final stress for the unloaded beam and the 
stress at yielding, in the extreme fiber. In further explanation he states, 
“The elastic fibers tend to return to their original length while the inelastic 
ones retain some strain.” Whereas both statements are true, their implica- 
tions are not. Both the elastic and the inelastic fibers tend to return, and 
partially do return, to their original length in a linear manner for the stated 
assumptions. Also, both the elastic and the inelastic fibers retain some 
strain, again in linear distribution. A better explanation might be given by 
citing the permanent set in the inelastically stressed fibers, by virtue of 
which an equilibrium of stresses is attained before any of the fibers can 
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recover their original length. The described interaction between the elastic 
and the inelastic fibers is only approximately correct, inasmuch as the stated 
interaction will obtain not between the elastic and the inelastic fibers, but 
between those above and below the plane of zero residual stress. That this 
interaction exists could be demonstrated as suggested by Timoshenko, by 
removing the longitudinal shear resistance of the beam, as by cutting along 
the neutral plane, upon which each half will assume a new curvature. 

If, as suggested by the writer, the calculation of deflections induced by in- 
elastic bending in the cambering of beams is of more academic than of prac- 
tical interest, still the means of computing inelastic deflections should be 
available to the designer, and the author has performed a service in sys- 
tematizing one of the solutions to the problem. As noted in the paper, the 
work of Fred B. Seely and James O. Smith, in their Advanced Mechanics of 
Materials, has been followed in using the “unit, or dummy load method” of 
analysis. The calculation of deflections by use of this analogy involves the 
rather laborious evaluation of the author’s equation (24), for which the con- 
stants k, n, and I, are all properties of the beam section. It is suggested that 
the calculation of deflections by the familiar area-moment method would, for 
the case in question, be more expedient and less subject to errors. As de- 
veloped in Timoshenko’s Strength of Materials, Part II, the method is appli- 
cable to inelastic bending provided the function M/k is used instead of M, 
where k is a function of the beam cross section and the applied moment. The 
function k might be tabulated or plotted as a curve against values for M, for 
the various beam sections. This task may not be so great as it might appear, 
since only the moments between Me and Mp need be used, and since mill 
practice limits cambering of rolled beams to 241 sections and 21 WF and 
over. 

If a good determination is to be made of the residual stresses after cam- 
bering, a number of considerations should be taken into account, which have 
not been mentioned by the author. Among these are the following: 


a) What effect on the structure would result from under-estimation or 
over-estimation of the residual stresses? Mill tolerances for camber are 
from minus zero to greater than plus 1/2 inch, allowance for which should be 
made in the stress analysis. Beams also may lose a part of their camber in 
service through release of stresses. 

b) The cambering of beams is accomplished by cold working, which must 
cause some strain hardening of the material in the flanges. The effect of this 
strain hardening in increasing the yield point would be likely to affect the ac- 
curacy of the computed residual stresses, based upon S, equal to 33,000 psi. 

c) A structural material which is finding increasingly wider use is the 
family of so called low alloy steels. These materials have a yield point of 
about 50,000 psi, which is about 50 per cent greater than that of ASTM Desig- 
nation A 7 structural steel. Their tensile strength and ductility are approxi- 
mately the same as for structural steel. It is suggested that the effect of the 
higher yield point on the calculated residual stresses would be valuable in- 
formation for the designer in this material. 

d) A program of tests designed to check the accuracy of the analyses sug- 
gested by the author would be valuable in evaluating the importance of the 
above considerations and in establishing the method as a design procedure. 


‘| 


*Consulting Engr., New York, N.Y. 


Discussion of 
“A CIRCUIT ANALYSIS OF LATERALLY LOADED 
CONTINUOUS FRAMES” 


by Frank Baron 
(Proc. Paper 1147) 


YVES NUBAR.*—Mr. Baron’s method is one of successive approximations 
or successive corrections, and a natural extension of the method of moment 
distribution. This in no way detracts from the originality and interest of the 
paper which are indeed great. Like moment distribution it has power, toa 
greater degree, in fact, because of its wider field of application; and like it, 
it is open to the same question, that of convergence, and this too to a still 
larger degree. This is of importance, since in the first place, no general 
proof—or criterion—of convergence exists for processes of this type to the 
knowledge of the writer, and in the second place, because it is necessary that 
the process converge fast, and here still less is known with assurance. These 
are obvious considerations, and the author does indeed concern himself with 
the matter in his “General Discussion”; his comments are correct and help- 
ful, but the question of convergence is still largely unanswered, and remains 
disturbing. 

Another point which concerns methods comprising successive balancing 
and carry-over operations, as this one, is that in certain cases the sequence 
may have to be a lengthy one, even though the process be convergent. This 
will happen for instance when some load larger than the average frame load- 
ing is acting at one or several joints of the system. Circuits several panels 
away from these joints will naturally be affected, and it will be necessary to 
“traverse” the region in-between back and forth at least three times in order 
to be certain that this load is adequately reflected in the circuit. 

The paper is written in a very condensed form, and for that reason it is at 
times difficult to follow. This also obscures somewhat the extent of the 
actual work of computation involved, which is likely to be large, except in 
simple cases. When the effects of shear deformations and changes in length 
of the members have to be taken into account, the work may become laborious, 
even if only “adjustments” need be made for these effects, as the author says 
without further explanation. Be it as it may, one will readily agree that a 
price has to be paid for the scope and power which the method unquestionably 
possesses, and the price is not too high. Incidentally, if the frame contains 
curved members—a case to which the analysis is said to be applicable—would 
it not be necessary to give the matter of change in length greater considera- 
tion, since the straight distance between the ends of the member may vary 
appreciably, although the length of the member itself may show negligible 
change? 

The remark of the author about programming his procedure of successive 
approximations for the use of high-speed computers in solving systems of 
linear equations opens the door for certain considerations. The writer would 
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like to make the observation that, even when a problem is determinate and 
the corresponding systems of linear equations non-degenerate (which is the 
case here), not every pattern of successive approximations, or iterations, 
will give convergence when programmed for operation in these instruments. 
For certain sequences the computer operations may refuse to converge, or 
may otherwise misbehave. This will be the case if the computer is made to 
operate on the equations in the same pattern of iterations as that necessitated 
by the configuration of the circuitry, if this latter pattern, by ill luck, does 
not converge. (There is no question, naturally, that high-speed computers 
can solve systems of linear equations adequately by iteration, provided the 
programmer is free to establish the manner, sequence and starting elements 
best suited to the problem,) These instruments are also very efficient in 
solving linear systems directly by matrix inversion, without any iterative 
procedures. In case the use of high-speed computers is anticipated for solu- 
tion of systems of linear equations in connection with the analysis of frames 
the method of solution by matrix inversion may be more advantageous than by 
iterations because the operations will necessarily converge if the systems 
are non-degenerate, and also because this will save time if the same frame 
is to be analyzed under different loading conditions. If so, preference may be 
given to methods of frame analysis which do not, in themselves, involve suc- 
cessive approximations or iterations, especially if the corresponding equations 
may be written out fairly simply. Among several others, the method of Slope 
Deflection is of this type, and has been widely used for frames loaded in their 
own plane (in the author’s designation, “for loads as in A”). It furnishes equa- 
tions which are very easy to write when axial strains in members are negli- 
gible, especially if the frame has no sway, or when it is of simple shape, as 
in multi-tiered buildings of usual design. 

Another method, also for use in frames loaded in their own plane, and not 
involving in itself operations of iterations, has wide applicability, and is rela- 
tively simple to use. This method has remained comparatively unknown. It 
seems therefore worthwhile to give here a brief description of it because of 
its general interest and character, (see References 1, 2, 3). The frame is 
decomposed into simple triangular elements by adding to it fictitious mem- 
bers (for instance, the dotted lines in the accompanying figure 1), and all 
rigid joints are replaced by perfect hinges. The result is called the “substi- 
tute frame.” The unit axial deformations of the given members together with 
those of the fictitious members, or only these latter if the former are con- 
sidered negligible, are taken as unknowns. Depending on the configuration of 
the frame, these unknowns can often be expressed in terms of a smaller num- 
ber among them, called “principal unknowns.” All end moments, transverse 
and axial forces at the ends of the given members are expressed in terms of 
the unknowns in the immediate neighborhood, therefore in terms of the prin- 
cipal unknowns. All fictitious members are now removed from the substitute 
frame, except those corresponding to principal unknowns. The resulting 
figure, called “conjugate frame,” is statically determinate. At the joints of 
the conjugate frame are applied the transverse and axial forces exerted by 
the given members, in addition to the original loading, and equations are 
written for their equilibrium. The result is a system of linear equations in 
the principal unknowns and in the same number. The solution of this system 
will furnish all displacements, forces and moments in the given frame. 

A variant of this method, applied to Vierendeel trusses (or viaduct frames), 
furnishes a system of linear equations between the end moments of three 
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successive web members. For the Kinzua Viaduct (figure 1), symmetrical 
about its center line, these equations are (Ref. 2) 


-42,00 My, + 7.24 = 6100 
+ 0.09 My, - 28.20Mgp + 1.19 Msc = 6150 
+ 0.86 Mgp - 11.38 Msc + 0.50 M7p = 3370 

+ 0.42 Mgq - 7.30 M7p + 0.39 Mgp = 2490 

+ 0.29 - 5.50 Mgp = 2160 


It may be observed that in each one of these equations one term has a co- 
efficient much larger than the others. This feature, which occurs often in the 
method just described, makes the solution of systems of equations a relative- 
ly easy task. Two other methods for the analysis of this frame are given in 
references 4 and 5; there also systems of five equations are encountered, 
with this difference that these latter equations contain respectively 2, 3, 4, 5 
and 5 unknowns with coefficients of the same order of magnitude. 
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Vol. 102, 1937, p. 869. 
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Figure 1 


(Dotted Lines Represent Fictitious Members) 
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Discussion of 
“SHEARING STRENGTH OF REINFORCED CONCRETE SLABS” 


by Nan-Sze Sih 
(Proc. Paper 1149) 


JAMES H. SHELLHAMMER,* J.M. ASCE, RAMAN PICHUMANI,* and JOHN 
R. VERNA,* J.M. ASCE.—It is agreed that the determination of the shearing 
strength of reinforced concrete slabs is a problem not readily susceptible to 
conventional analysis. In view of this, the study presented is a major step 
toward the ultimate solution of this problem. Nevertheless, there are several 
aspects of the analysis that are not immediately apparent from the text of the 
paper. Also, there is a certain amount of inconsistency in the analysis. 

Initial consideration is given to proportionality (1). As indicated, the rela- 
tionship shows fair agreement with the results of the rectangular slab tests 
when a value Cy equal to 3 is used. In as much as the test data available is 
rather limited, this may be a coincidence. This possibility is emphasized by 
the inconsistency in the value of Cy. It is suggested in the paper that Cy), vary 
inversely with the depth d. From Figure 2, C} equals approximately 2.4 for 
d equal to 5 inches. For the rectangular slabs tested, d equaled 5.5 inches. 
According to the relationship suggested between Cp and d, C} should be less 
than 2.4 for the rectangular slabs. However, it is noted in the paper that Cp 
must equal 3 to give consistent results. 

Moreover, it is stated early in the paper that it will be shown later that the 
factor, (1 + C)d/b), represents the area of the base of the concrete cone that 
is punched out of the slab. It is not readily apparent where this is demon- 
strated later. Furthermore, from Figure 8 it appears that (1 + Cpd/b), or 
(b + Cyd), represents the diameter of the base of the concrete cone pushed 
out of the slab rather than the area. Assuming Cp is non-dimensional as in- 
dicated in the paper, this would also be more consistent dimensionally since 
the factor (b + Cpd) is linear rather than quadratic. If this is the case, Cp 
then appears to be related somehow to the angle of failure and, consequently, 
to the angle of internal friction. Even so, an accurate quantitative analysis of 
the behavior of Cj) can not be made without a considerably greater amount of 
experimental data than is now available. 

In reviewing the physical derivation of equation (4), the advocation that 
T = (b+ Cyd) 7 pf. is rather vague and questionable. If d refers to the 
depth to the steel reinforcement, as shown in Figure 8, and p f,,, is the cor- 
responding stress in a transformed section, then the factor rl + Cpd) ap- 
pears to be the circumference and (b + C)d) the diameter at a depth d. How- 
ever, if the latter is the case, it is contradictory to the earlier statement in 
the paper that (b + Cyd) represents the area of the base of the concrete cone 
punched out of the slab. This again indicates the inconsistency of the analysis 
and the uncertainty of the value of C). 

In the presentation of the final equation (4) and (5), it is significant to note 
that there appears to be a factor of 1/m, missing from the expression on the 
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left of equation (4). An equal sign seems to have been omitted in equation (5). 
It is recognized that these may simply be typographical errors. 

In view of the presence of certain irregularities the method of analysis 
presented appears to still be in the formative stage. Perhaps a greater em- 
phasis on dimensional considerations in making the analysis would produce 
more consistent results. Nevertheless, the study conducted is a major step 
toward the ultimate solution of the problem. It not only provides a fresh ap- 
proach to the problem, but also indicates that extreme caution must be ob- 
served in developing fundamental relationships. It also reveals that more 
experimental data than is now available is necessary for an accurate quanti- 
tative analysis of the problem. 


Discussion of 
“BEHAVIOR OF RIVETED CONNECTIONS 
IN TRUSS-TYPE MEMBERS” 


by E. Chesson and W. H. Munse 
(Proc. Paper 1150) 


A. J. FRANCIS.!—The conventional design of riveted joints is still based 
very largely on the results of tests on small specimens with a few rows of 
rivets. The data reported in this paper show how dangerous it is to extra- 
polate such test results to the larger joints common in practice without a 
proper understanding of the mode of action of joints. It is fortunate that fail- 
ures of joints in service seem to be very rare, because most large joints 
under axial load certainly have a considerably smaller factor of safety, when 
they fail by shear, than their designers suppose. Even though riveting is not 
as all-important for bridges as it was before the advent of welding, there is 
still a need for more large scale tests such as those referred to here. Prob- 
ably the only other tests in which the specimens approached in size the con- 
nections common in large bridges are those conducted for the San Francisco- 
Oakland Bay Bridge, (1) which first disclosed the possibility of premature rivet 
failure and, in consequence, reduced shearing strength. With the very large 
testing machines now available in the United States it should be possible to 
extend our knowledge of joints still further; in view of the tendency towards 
lower margins of safety this is highly desirable. 

It is a pity that the authors did not attempt to supply a more thorough- 
going theoretical explanation of the behaviour of their specimens. Theoreti- 
cal methods(2) are available for joints in which friction may be neglected (as 
in aluminium alloys). Although this assumption is obviously invalid for steel 
joints in the working range, it may not be far from the truth when shear fail- 
ure is imminent. It would at any rate be interesting to try it. Certainly the 
phenomenon of progressive failure of end rivets is similar in aluminium and 
in steel joints. 

The behaviour of the A specimens is particularly interesting and shows the 
importance of placing the rivets as far as possible on the basis of the distri- 
bution of cross-sectional area. Another interesting finding is the better per- 
formance of the joints with punched holes compared with those having drilled 
holes. The “punch-versus-drill” controversy is now about a century old, but 
the arguments advanced in the past were based mainly on elastic considera- 
tions. From the plastic point of view there seems little harm in cold working 
the material around the rivet holes when the material has the characteristics 
of structural steel. After all, the driven rivets themselves are as a rule far 
from the annealed state. The explanation for the lower deformations of the 
punched specimen (p. 51) is not very convincing, however. The deformation 
around a punched hole containing a loaded rivet will remain elastic to a high- 
er load than if the hole were drilled, because of the cold work on the material 
around the hole. The total deformation of a rivet is due partly to shear and 
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bending of the rivet shank, and partly to deformation of the members around 
the rivet hole. This latter deformation usually forms an appreciable part of 
the total deformation at the end rivets, and if this is reduced for any reason 
the deformation of the end rivets, and in consequence, the overall movement 
of the joint, are smaller. 

To the writer’s knowledge no experiments have been conducted on steel 
riveted joints under moment or eccentrically applied load. In contrast to 
axially loaded joints, the strength of joints under such loading is likely to be 
considerably in excess of the conventionally calculated strength, if the results 
of tests on aluminium alloy joints 2) are any indication. It would be most in- 
teresting if the work reported by the authors could be extended to such cases. 


REFERENCES 


1. See Ref. (14) in paper under discussion. 


2. See Ref. (9) in paper under discussion. 


Discussion of 
“CHOICE OF COMPOSITE BEAMS FOR HIGHWAY BRIDGES” 


by Harry Subkowsky 
(Proc. Paper 1151) 


WALTER M. ZALITE, ! A.M. ASCE.—The author is to be commended for 
having presented his ready-to-use charts for a problem of great practical 
importance in the every day routine of the highway bridge designer. 

From Figures 1 and 2 the required total moment of inertia with respect to 
the top flange (factor “K”) can be determined for a given span length and spac- 
ing of interior stringers. Next, the moment of inertia supplied by the section 
without cover plate is to be subtracted therefrom, and, last, the required 
cover plate area can be taken from Figure 3. These three separate steps can 
be combined into a single chart (covering both cases of wearing surface), 
thereby permitting a further simplification of the design problem and cover- 
ing a somewhat wider territory at the same time. 

The chart given here by the writer is based on exactly the same assump- 
tions as stated by Mr. Subkowsky. Since tabulated quantities were not avail- 
able, the writer’s chart was plotted from values scaled from the author’s 
chart. These values were spot checked and amplified by computed values. 

Mr. Subkowsky’s charts yield a certain correct solution for a given span 
length and stringer spacing. Occasionally this solution may not be acceptable 
because of one of several possible reasons: it may be considered necessary 
to match depth of stringers in adjacent spans of differing lengths or with dif- 
fering stringer spacing; the design criteria may limit the size of cover plates, 
etc. For these reasons the writer has expanded Mr. Subkowsky’s charts, so 
that several adequate beam and cover plate combinations can be read there- 
from. 

The author correctly observes that from 36 WF 150 up the maximum span 
length for a given weight beam is determined by top flange compressive 
stress. However, if either the capacity of 36 WF 150 or of 36 WF 230 is ex- 
ceeded, it is not necessary to “jump” immediately to 36 WF 194 or to 36 WF 
300 respectively. In either case there are three other size beams available, 
and the lightest adequate one of these (with the heaviest cover plate) will re- 
quire less total steel. The writer has added in each case one of these three 
beams, i.e., 36 WF 170 and 36 WF 260. The other two have been left out, but 
interpolation for them is very simple, as their weight in each case is midway 
between two beams shown. 

With the exception of the 36 WF 300 beam, the author’s charts imply that 
the maximum size cover plate that can be used on a certain size beam, with- 
out exceeding the allowable top flange compressive stress, is independent of 
the stringer spacing or the span length. The writer does not find this to be 
true. For a closer stringer spacing a given size beam and cover plate com- 
bination is capable of spanning a longer span, and thereby a larger proportion 
of the total stress is attributable to dead load. As the top flange compressive 
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stress is influenced by the dead load to a greater extent than the bottom flange 
tensile stress, it follows that, the closer the stringer spacing, the smaller a 
bottom flange cover plate can be used if the top compressive stress is not to 
exceed the allowable value. The writer has corrected Mr. Subkowsky’s values 
(which seemed to be on the safe, but uneconomical side), and the proper rela- 
tionship has been shown in the writer’s chart. 

The writer has added to his chart a diagram showing the weights of the 
various beam and cover plate (full length) combinations, so that the designer 
using the chart may immediately see the relative economy of his selection. 
From this it can be noted that, while in the range below 36 WF 150 the weight 
difference is small if a section other than the most economical is selected 
from the chart, it is not so above this range. Here the lightest beam (limited 
by top flange compressive stress) with the heaviest cover plate is consider- 
ably more economical than the next heavier combination. 

The writer has extended the stringer spacing down to 6.5 feet. Although 
this is not strictly compatible with the 84 inch effective flange width, the dif- 
ference is practically negligible. 

The use of the writer’s chart will be explained by examples. 


Example “A”. (same as the author’s Example 2.) 


Span - 73 feet cc bearings 
Stringer spacing - 7 ft 6 inches 
7 inch slab with 4 inch wear. surface (11 inch total deck) 


Enter the bottom diagram at 7.5 feet stringer spacing and proceed hori- 
zontally to the span length of 73 feet. From here proceed vertically up and 
read the following adequate beam and cover plate combinations from the 
diagram above: 


36 WF 150 with 18.8 sq.in. cover plate (236 lbs per lin ft.) 
or 36 WF 170 with 17.0 sq.in. cover plate (251 lbs per lin ft.) 
or 36 WF 194 with 14.5 sq.in. cover plate (267 lbs per lin ft.) 
or 36 WF 230 with 9.0 sq.in. cover plate (287 lbs per lin ft.) 
or 36 WF 260 with 5.0 sq.in. cover plate (305 lbs per lin ft.) 
or 36 WF 300 without cover plate (330 lbs per lin ft.) 


The weights listed above include a 10% allowance for connections, diaphragms 
and etc., and they can be read from the weight diagram or easily computed. 
The most economical choice would be the first listed one, while the third one 
is that given by Mr. Subkowsky. Should it be desired to use one of the beam 
sizes not shown on the chart, the required cover plate can be found by inter- 


polation (for example, a 17.9 sq.in. cover plate would be applicable with a 
36 WF 160 beam). 


Example “B”. 


Span - 86 feet cc bearings 
Stringer spacing - 8.1 feet 
7 inch slab with 2-1/2 inch wearing surface (9-1/2 inch total deck) 


Enter the top diagram at 8.1 ft. stringer spacing and proceed horizontally 
to intersection with span length of 86 ft. Note that this intersection point is 
beyond the top flange compression limit for 36 WF 230. The smallest ade- 
quate beam size shown on the chart is 36 WF 260. Proceed down vertically 
and read the following beam and cover plate combinations: 
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36 WF 260 with 19.5 sq.in. cover plate (359 lbs per lin.ft.) 
or 36 WF 300 with 14.5 sq.in. cover plate (384 lbs per lin.ft.) 


As the intersection point of 8.1 ft. stringer spacing and the 86 ft span length 
was closer to the limit for 36 WF 230 than to that for 36 WF 260, it would 
have fallen within the range of adequacy for 36 WF 245 had the curve for this 
beam weight also been plotted. Therefore we may read by interpolation be- 
tween 36 WF 230 and 36 WF 260 the following additional combination: 


36 WF 245 with 21.5 sq.in. cover plate (350 Ibs. per lin.ft.) 


which is the most economical selection in this case. 


The writer is somewhat puzzled concerning the use of Fig. 7. It seems 
that the static moments “Q” shown apply to the composite section with beam 
and coverplate. The greatest shears, requiring the maximum amount of shear 
connectors, occur at the supports where usually there is no cover plategn 
the beam. Therefore the “Q” value should be determined from the composite 
section without cover plate, and it is on the unsafe side to do otherwise. 

Regarding the determination of cover plate lengths from Fig. 5, it is the 
writer’s understanding that under Sec. 229 of the A.W.S. Specifications for 
Welded Highway and Railway Bridges the tensile stress in the beam at the end 
of cover plate should be considerably below the 18,00 p.s.i. used by Mr. 
Subkowsky, and that therefore the cover plates shown in Fig. 5 are too short. 
If the allowable tensile stress in the beam is assumed to be 75% of the other- 
wise permissible (13,500 p.s.i. vs. 18,000 p.s.i.), then the following formula 


can be used to obtain the theoretical cover plate length (in feet) for 
H20 - S16 - 44 loading: 


Lplate = 4.7 + (L - 4.7) ] - 0.75 i 


where S,, - Section modulus (n = 10) for bottom flange without cov.pl. 
Ss, - Section modulus (n = 10) for bottom flange with cov. pl. 


L_ - Length of span (cc bearings) in feet 


ASCE 


1382-44 ST 5 September, 1957 


SPAN, LENGTH TEN 


SSS 
ESS 


| 
Pit OF BEAM ¢Ccover PLATE | | 
| 
yet 
COMPOSITE BRIDGE DECKS - SIMPLE SPANS 


ASCE 1382-45 


Discussion of 
“ANALYSIS OF MULTIPLE-SPAN CONTINUOUS TRUSSES” 


by Benjamin C. F. Wei 
(Proc. Paper 1187) 


HOWARD H. MULLINS.!—A casual glance at the three simultaneous equa- 
tions required for the computation of the stresses in a three-fold indetermi- 
nate structure is likely to give one a sense of hesitancy because of the ap- 
parent complexity and the amount of work involved in the evaluation of such 
equations. For this reason the author is to be commended for his service in 
showing that a proper selection of the redundants and a simple method of 
arranging the work in tabular form can reduce a rather formidable looking 
task to a simple and very practical procedure. 

It has been pointed out by others2 that the selection of the redundants is 
often all important in reducing the work involved in computing the stresses 
in statically indeterminate structures. 

The writer, and others, has previously suggested, and illustrated by com- 
pletely worked examples, 2 the advantage to be gained in computing the 
stresses in three-span continuous trusses and fixed arches by shifting the 
axes of coordinates so that certain terms in the equations become zero, 
thereby making it unnecessary to solve simultaneous equations. The selec- 
tion of the redundants so that such a procedure can be used greatly reduces 
the work involved in a solution. For continuous trusses of more than three 
spans the selection of the terms which may be taken as zero becomes more 
difficult. It is highly desirable, when necessary to solve simultaneous equa- 
tions for a solution, to select the redundants so that the determinate system 
will be as nearly similar to the indeterminate system as possible. The 
author’s procedure, using the moments over the piers as the redundants, cer- 
tainly fulfills this desirable condition in that the base system becomes a 
series of simple truss spans. If one selects the reactions as the redundants 
it is necessary to deal with much longer lever arms and larger stresses and 
consequently the effect of small errors or approximations contribute to 
errors in the final result. 

The author derives his three basic equations for the computation of the 
moment influence lines by Maxwell’s theory of reciprocal deflection. These 
equations can perhaps be derived in a more general manner by the method of 
least work and they are then applicable to any three-fold indeterminate struc- 
ture regardless of the redundants one selects. For example, the work done 
by any framed structure is 


1. Asst. Chief, Civ. Eng. Dept., Eng. Research & Development Labs., Ft. 
Belvoir, Va. 

2. See, for example, Discussion of Influence Lines for Reactions of Continuous 
Trusses by Howard H. Mullins, Proc. Am. Soc. Civil Engrs., Nov. 1956 
p. 1112-9 to 1112-35. Continuous Tied Arch Built in Missouri by Howard 
H. Mullins, Engineering News-Record June 5, 1941 (Vol. p. 896). 
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(1) 


in which, 


stress in any member of the structure, 
length of the member, 

gross sectional area of the member, and 
modulus of elasticity of the material. 


The stress in each individual member of the structure can be expressed as 


S = So + Sale + + (2) 


in which, 


So = the stress due to the applied loads on the statically determinate 
base system after removal of redundants, 

Sg = stress due to Xa, 

Sp = stress due to Xp, and 


stress due to Xe. 


wed (80+ Sala + Solo (3) 


Differentiating Equation (3) with respect to each of the unknowns, X,g, Xp 
and X,, we obtain, 


Solving these three simultaneous equations, 
Xe (7) 
De a} (b2c3- c6) +2 by 


D 


(8) 


D 


i 
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a, => Sat, > > 
4, = > » > and 43 = > 


For entering in table headings, it is convenient to write Equations (7), (8) 
and (9) as 
X, = + + (10) 
= Ayko + dgk, + Agks (11) 


To = + Agks + (12) 


k - ef) k. = (bye, - - 
4 D 6 


It occurred to the writer that it would be interesting, and of value, to com- 
pare the work involved in computing the influence lines for the moments over 
the piers with that required to compute the influence lines for the reactions 
for this structure, using the same general method in each case. 


Computation of Moment Influence Lines 


If we cut the structure over the piers, as shown in Fig. 1(a) and apply mo- 
ments Xa, Xp and X¢- at these cut sections we see that the part of the struc- 
ture stressed by X, is not affected by the part stressed by X,. Therefore, 


the term cj = > ase =0. Then for such a selection of the redundants 


D= aj (b2c3 - 08) - (13) 


bic _ aye ajc 
and 2, k,= and ks 


Table I shows the work involved in evaluating the constants aj, b:, be, ¢:, 
C2 and C3, where a moment X, = 100, X;, = 100 and X, = 100 is introduced 


at the cut section over the piers. Using these values one finds for the con- 
stants, 
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D = 15,378,000, k, = 0.00446, k2 = -0.000973, ks = 0.000251, 


Kk, = 0.004, ks = -0.001032 and ke = 0.00412. 


One could place a unit load at each panel point on the statically determinate 
base system and compute the stresses Sp in the simple truss span from which 
the values of A;, Az and As could be computed. Such a procedure would be 
prohibitively time consuming since, for this unsymmetrical structure, it 
would involve computing the stresses throughout a 160 ft. truss span for 16 
different positions of the load and throughout a 200 ft. truss span for 9 posi- 
tions of the load. A more satisfactory procedure is to load the statically 
determinate base system with the elastic weights due to the stresses pro- 
duced by the moments X, = 100, X; = 100 and X, = 100 as shown in Col- 
umns 17, 18 and 19 of Table I and compute the bending moments at the 
various panel points, which are shown in Table II as Ay, Az and A3. One can 
use any value for the moments X,, X, and X, for computing the stresses 

in the base system so long as the same values are used throughout in both 
the numerator and denominator of Equations (10), (11) and (12). Because we 
are not computing the values of So for use in Equations (10), (11) and (12) and 
since the moments Xa, Xp and X_ were taken as 100 it is necessary to mul- 
tiply the various k values by 100 to reduce the resulting influence ordinates 
to the values for Xg = 1, Xp = 1 and XK, = 1. 

In Table III the afrangement of the work is shown for multiplying the vari- 
ous deflection values A;, A2 and As by the appropriate k values to obtain 
the final moment influence ordinates. These influence ordinates are shown 
as an influence line in Fig. 2. 

Although this analysis was carried out using a slide rule only, the results 


check with the author’s values, presumably computed by machine, with sur- 
prising accuracy. 


Reaction Influence Lines 


If we select the two end reactions and the center pier reaction as the re- 
dundants the structure will deflect as shown in Fig. 1(b), (c) and (d). Unlike 
the previous case, where each redundant affected only a part of the statically 
determinate system, when we apply X, = 1, Xp = 1 or X, = 1 to this 
statically determinate system, the whole system undergoes deflection. In 
this analysis none of the constants shown for Equations (7), (8) and (9) is 
zero. Table IV shows the work required for the evaluation of these constants 
and the computation of the elastic weights due to the stresses produced by the 
forces Xq = 1, Xp = 1 and X;, = 1 acting as shown in Fig. 1(b), (c) and (d). 
Using the values of the constants from Table IV one finds: 


D = 100,809,000, k, = 0.00174, kz = 0.00208, ks = 0.0000992, 


kq = 0.00827, ks = 0.00201 and ke = 0.001612. 


In Table V the statically determinate system is loaded with the elastic 
weights, from Columns 18, 19 and 20 of Table IV, due to the stresses pro- 


duced by X, = 1, Xp = 1 and X, = 1 which are shown as Ai, Az, and As 
in Columns 6, 11 and 16 of Table V. 
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Table VI shows the arrangement of the work for multiplying the deflection 
values A;, A2 and As by the appropriate k values to obtain the final influence 
ordinates X,, X, and X, as shown in Columns 8, 12 and 16 of Table VI. 

While the method for deriving the three basic equations in this discussion 
is different from that used by the author, the equations and the arrangement 
of the work are quite similar. The author determines the constants, for use 
in his equations, from the end shear due to the elastic weights acting on the 
determinate system. The writer evaluates these constants by the use of 
Columns 7, 10, 13, 14 and 15 of Table I. One can also eliminate these 
columns from Table I and determine the constants by the use of Table II and 
the elastic weights at the piers from Columns 17, 18 and 19 of Table I. The 
writer is of the opinion that since Table I is necessary in any case it is 
worthwhile filling in Columns 7, 10, 13, 14 and 15 because these columns 
give an immediate check on the computation of the elastic weights and the 
computation of the deflections of the determinate system. 

In the writer’s second case, where the reactions were taken as the re- 
dundants, it may be noted that, within the slide rule accuracy of the work, ail 
the constants a;, bi, be, Ci, C2 and cs appear as a deflection at Lo, Lao or 
Lss in the determinate base structure as shown in Table V. The six columns 
of Table IV used for evaluating these constants could, therefore, be eliminated 
if one feels the check they provide is not necessary. 

It will be noted that the influence ordinates at Lo and Liss for X} and at 
Lo for X,, as shown in Table VI, are not zero as they should be. Part of the 
difficulty here may be due to the approximations resulting from slide rule 
work, but since the age old problem of subtracting comparatively large num- 
bers to obtain a very small number is involved, one may assume that part of 
the trouble is inherent in the method, i.e., the selection of the reactions as 
the redundants. 

Now concerning a comparison of the work required when the moments over 
the piers are used as the redundants, as against that required when computing 
reactions. It will be noted that when using the moments as redundants it was 
only necessary to compute the stresses in the two 160 ft. end spans and one 
interior 200 ft. span. The remaining stresses of Table I can be set down by 
observation. For the three redundants we actually tabulate the stresses for 
1120 ft. of bridge because one interior 200 ft. span is acted upon by X,g and 
one is acted upon by X, while both are affected by X,,. It is necessary to 
compute the deflections for 1120 ft. of bridge, as shown in Table II. 

When using the reactions as redundants one must calculate the stresses in 
two 160 ft. end spans, one 400 ft. span under the action of an end moment, 
and one 400 ft. span for a concentrated load at the center. In this case it is 
necessary to tabulate the stresses for 1520 ft. of bridge and perform the op- 
erations shown in Table IV on these stresses, and then compute the deflec- 
tions of 2160 ft. of structure as shown in Table V. 

In conclusion the writer ventures the opinion that there is at least three 
times as much work involved in computing the stresses in a four-span con- 
tinuous truss when the reactions are used as the redundants as that required 
when the moments over the piers are taken as redundants. 


JERRY C. L. CHANG,* A.M. ASCE.-—It is very interesting to read Dr. 
Wei’s article as we have used the same approach on continuous girder design 


*Principal Asst. Engr., Richardson, Gordon and Associates, Cons. Engrs., 
Pittsburgh, Pa. 
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in obtaining influence line ordinates for moment at supports. The author 
should be complimented on extending this basically girder design technique 
to trusses. 

As brought out by the author, the use of Maxwell reciprocal principle as 
shown by equations (4), (5), and (6) of the article greatly simplifies the com- 
putation. Equations (7), (8), and (9) can be written in matrix form: 


Qaa Sab Qac | | Xa A pa 


Qba | | Xb | =] 4 pb 


Qea Rec J LXc A pe 


or [A] [B] = [C] 


The complete calculation can be summarized into three steps as follows: 


Step I. Calculate end slopes and deflections at panel points of each span 
treated as a simple span due to unit moment applied at each support. 


Step II. By combining the end slopes Qg correctly, matrix [A] is formed. 
Find the inverse of [A], or 


[C] = [B] 


It is obvious that [A] is always symmetrical about its diagonal drawn through 
Qaa, Qpp, etc. This serves as a check if the Q, are computed independently. 
There should not be more than three constants in each row regardless of the 
number of continuous spans. 


Step II. Matrix Multiplication—by varying the values of [C], the deflec- 
tions coefficients obtained in Step I, and multiplying by [A]~’, the ordinates 
of moment influence lines are obtained. 


The real beauty in the method presented is its repetitive nature. This is 
shown by the tabular form of calculation used by the author. Because of its 
repetitive nature, this method is extremely suited for Digital Computers. It 
is only necessary to program Step I for a simple span. The same program 

is then used repeatedly for all the spans. Matrix Inversion and Multiplication 
are generally available in manufacturers’ computer library. We have the 
complete three steps programmed on a Bendix G15-D electronic computer 
for the design of 3 or 4 span continuous girder. The program not only gives 
us influence line ordinates for moments, but also for reactions, moments and 


shears at 1a points between supports. It is anticipated that the analysis of 


continuous trusses will be programmed in the near future. 


= 


1382-63 


Discussion of 
“RESISTANCE TO OVERTURNING OF SINGLE, SHORT PILES” 


by E. Czerniak 
(Proc. Paper 1188) 


ALBERT O. GROTE,! A.M. ASCE.—Engineers are typically most con- 
cerned with making practical usage of known principals of science and mathe- 
matics. In this tradition Mr. Czerniak has made a very practical contribution 
to the structural engineer. Every structural designer would do well to con- 
sider making the charts of Figs. 7, 8, 9, 10, and 11 a part of his notebook. 

The use of short piles to resist overturning is a modern trend brought on 


by: 


1) The widespread availability of mechanical rigs for boring holes of vary- 
ing diameter. 

2) The economy of placing concrete directly against such a drilled hole 
without the expense of formwork. 

3) The ability of engineers to accurately compute the resistance of the 
poured concrete pile to lateral forces and eccentric loads. 


As Mr. Czerniak points out, the short pile is often used primarily to take 
vertical loads, but it also has a certain capacity to take lateral loads which 
are computable. It has been this writer’s experience that the short pile is 
also applicable to many structures where the primary loading is horizontal, 
such as a free standing sign structure foundation. Many foundations which 
are currently being designed as spread footings to resist overturn moment 
could be more economically designed using a short concrete pile. With the 
availability of the design charts worked out by Mr. Czerniak, there is no 
longer any tedious work involved in the analysis. 

Although the Williams2 analysis upon which Mr. Czerniak bases his charts 
has long been available to design engineers as a theoretically correct solu- 
tion to infinitely rigid piles with lateral loading, the necessity of making sev- 
eral trial solutions to arrive at the proper length of pile to use for a particu- 
lar loading undoubtedly discourages many design engineers from using it. 
The Griffith? formula, on the other hand, is less complicated and generally 
available in nomograph form, which makes its use more inviting. 

The designer should be aware of the limitations of the method he chooses 
for his analysis. Comparing the Williams formula 


12M 6H, 18.8M _9.4H 
S = 1.57 + = pig Ta 


with the Griffith formula, 


1. Cons. Structural Engr., Fresno, Calif. 


2. “Design of Masonry Structures and Foundations,” by C. C. Williams, 2nd 
Edition 1930, pg. 479. 


3. “Construction Design Charts,” by J. R. Griffith. 
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14.52M 


maximum soil pressure at the bottom of the pile 
HE = moment at ground line 
depth of pile below ground line 
diameter of pile 

total lateral force 


it can be seen that the Williams formula contains a term considering the total 
lateral shear at ground line as well as a term considering the moment. The 
Griffith formula, on the other hand, contains only the term considering the 
moment. Therefore, for conditions where the moment is large and the shear 
relatively small, such as for a flagpole, the Griffith formula is applicable, 
and will give results which do not seriously differ from the Williams analysis. 
However, where the shear is relatively large compared with the moment, such 
as for a column with a brace connected to the column base, the Griffith 


formula may be seriously in error. The following examples illustrate these 
differences: 


Example 1. GivenH = 200# E = 30ft. d = 2 ft. 
M = HE = 6ft. K Allowable soil resistance 
300 p.s.f./ft. of depth 


Find required depth of pile, L, using Griffith formula. 
Try L = 5.7 ft. 
p (allowable) 


300 x 1.9 = 570 p.s.f. at depth ¥ 


14.52HE 0.42 x 14.52 x6 
p (actual) = 0.42 x 
= 564 p.s.f. 
s (allowable) = 300 x 5.7 = 1710 p.s.f. 
14.52HE 14.52 x 6 
s (actual) 1340 p.s.f. 


Required L = 5.7 ft. 


Find required depth of pile, L, using Williams formulas or chart 
of Fig. 7. 


Required L = 6.0 ft. 


Given H = 2000# E = 3ft. d = 2 ft. 


M = HE = 2000 x 3 = 6ft. K Allowable soil resistance 
300 p.s.f./ft. of depth 

Find required depth of pile, L, using Griffith formula. 
Required L = 5.7 ft. 


Find required depth of pile, L, using Williams formulas or chart 
of Fig. 7 


Required L = 8.4 ft. 
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It should be noted that the maximum soil pressure above the pivot point is the 
governing condition. 

With the availability of the chart shown in Fig. 7 of Mr. Czerniak’s paper, 
there would seem to be no reason to rely on less accurate methods for short 
pile design, inasmuch as this chart gives an immediate, direct solution. The 
desired factor of safety on the soil resistance can be selected by the designer 
to fit the specific conditions. 

The design of the pile reinforcing is facilitated by the charts for Shear and 
Moment Coefficients of Figures 9 and 10. It should be noted that the maximum 
pile moment occurs somewhat below the supporting surface. 

Whenever a firm supporting medium such as a concrete slab exists at the 
supporting surface a more economical pile can be designed by use of the 
chart of Fig. 11, assuming the pile pivots at the supporting surface. This 
chart is based on the same assumptions for lateral soil bearing pressures as 
the chart of Fig. 7 and gives an immediate direct solution. With the avail- 
ability of this chart it becomes advantageous for the designer to use the 
theoretically correct solution and avoid the assumption of a straight line dis- 
tribution of soil bearing such as is shown in Fig. 2. The following example 
illustrates the difference between the two methods: 


Example 3. GivenH = 2000# E = 30ft. d = 2 ft. 
M = HE = 6ft. K Allowable soil resistance 
300 p.s.f./ft. of depth 


Find required depth of pile, L, under concrete slab using straight 
line relationship of Fig. 2. 


Try L = 6.2 ft. 
s (allowable) 


300 x 6.2 = 1860 p.s.f. 


4.68HE 4.68 x 


s (actual) = x62 = 1830 < 1860 


Required L = 6.2 ft. 
Find required depth from chart of Fig. 11. 
Required L = 6.8 ft. 


The writer would like to point out that the assumed lateral resistance of 
soil bearing on the piles is based on having soil which is compact enough to 
exhibit some elastic properties. If the soil near the surface is of question- 
able value for use in resisting lateral forces, a solution may be obtained by 
neglecting the resistance of the loose soil near the surface. If the disturbance 
is deeper, under certain circumstances, a resisting couple may be developed 
between a concrete slab at the supporting surface and friction between con- 
crete and soil at the bottom of the pile. 


J. V. DU PLESSIS, ! A.M. ASCE.—The author is to be congratulated on 
drawing attention to a type of foundation which can sometimes fill a great 
need when overturning moments are high compared to vertical loads. 

With regard to round piles the integral giving an average pressure normal 


1. Senior Asst. Engr., C. P. Lange, Cons. Engr., Johannesburg, South Africa. 
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to a diameter derived by the author appears to refer to the half circumferen- 
tial surface of the cylinder rather than it’s projected area. This would mean 


that his reduction coefficient of S should be multiplied by 5 times the pro- 


jected area to give the force normal to the projected area. Therefore the 
cylinders could be treated as rectangles having the same width as their di- 
ameter, and the value of the width used before entering the authors charts 
should be multiplied by 1.57 for both cases. 

The lateral bearing values recommended by the author appear high when 
contrasted with the general formula for estimating pressure given by him. 
This is presumably because of his efficiency factor of 2 to allow for rough- 
ness at the concrete-earth interface. The writer feels that the latter would 
be better allowed for directly by calculating the moments due to frictional 
forces. In the case of a rectangular sectioned face and base foundation the 
order of this moment is indicated by H times the distance between pressure 
faces. Based on such a value, and the relative value of Ho and Mo, an esti- 
mate of reduction in Mo to be resisted by short pile action can be made, al- 
lowed for, and checked from the known values of the lateral pressures at the 
end of the short pile analysis. Apart from the question of friction, it would 
also seem more correct to allow for the value of lateral bearing pressure a 
value based on the difference between the passive and active pressures. 


i.e., >. Lateral Pressure allowable is proportional to: 


> Uurtmate Larerar bressvRe 


= ¥h [Tan? (45°+$) —Tané® 4 )| (1) 
+ 2c [Tan Cis g) + TAN (as° $ ) | 


The values of lateral bearing pressure recommended by the author, while 
convenient for the purpose of setting up of equations, do not reflect those 
which are likely to occur in practice. Consider the following example. 


Compact Well Graded Sand: 


Allowable Bearing Pressure 
Angle of Internal Friction 
Soil Density 

Safety Factor 

Cohesive Shear Stress 
Ultimate Bearing Pressure p 


11,200 lbs. 

34° at 2'0'' depth 

100 lbs/cu.ft. 

2 

Cc 

22,400 lbs at 2'0'' depth 


Ultimate Lateral Passive Pressure = 1-Simud)-Ce C 
| + Sin >. (2) 


=¥hTan? B)+2c Taw 


= 2340 


From which 2c 


| 
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Ultimate Lateral Pressure = (326h + 5642) lbs/sq.ft. 
Allowable Lateral Pressure (163h + 2821) lbs/sq.ft. 


Compare this with the value of 300 to 350 lbs/sq.ft./ft. of depth recom- 
mended. The actual allowable pressures on the basis of the above analysis 
will be greater at depths up to about ten to twelve feet, and less below this 
than the values recommended by the author. Generally speaking this will be 
of advantage, and for all soils nearer the truth. 

The formulae developed by the author also assume that the pressure at any 
level is proportional to the deflection at that level. The lateral resistance 
ascribable to internal friction is independent of deflection, although that due 
to cohesion is partly dependent on it, particularly with more purely cohesive 
soils. It can be claimed that it is more rational in many cases to assume the 
pressure independent of deflection. Such an assumption can be further justi- 
fied by considering it as an ultimate procedure, as soils at the onset of 
plasticity do not immediately strain-soften. This assumption leads to a pres- 
sure diagram as in Fig. 1. The actual diagram is probably more like that 
part shown unshaded in Fig. 2. The difference between the two diagrams is 
shown shaded in Fig. 2. The horizontal summation of these and the momental 
summation about the surface are not likely to differ much from zero, which 
is an additional argument for this assumption. The writer has used this as- 
sumption in a number of cases and would like to contrast it with that given by 
the author in a practical example. 

Developing first the necessary formulation consider Fig. 3 and write hori- 
zontal and momental equilibrium equations leading to (3) and (4) 


M 


wer 


From (3) and (4) values of ~> and Which are pure numbers 
(3) (4) ( Pp ) 
may be derived and plotted as in Figure 4. 


Mo = 400 Kip Feet 
Example: 


Ho 


10 Kips 
Allowable > Lateral Pressure = (163h + 2820) lbs./sq.ft. 
Strength due to Cohesion is equivalent to a raising of the surface of 


2820 
Té63 Feet = 17.3 Feet. 


| 
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The problem may be rephrased as in Fig. 5a and 5b (Choosing the width 
b = 5 Feet) 


kb 183% 163 


+ 2-Ol 


+26:9. 


= 


(See Fie 4, Corve D) 


Actual Depth Required = (26.9 - 17.3) Feet. 


= 9.6 feet 


Author’s Curves. 


b = 5 feet (To use in curves multiply by 1.57 to give 
7.85 feet effective breadth) 


Lateral Soil Pressure = 400 lbs/sq.ft./ft. Depth. 
(300 to 350 would according to recommended 
values be more correct for this soil) 


400 

> 457° 

> 705 127 
d = 14.5 


In this case the author’s method requires a bigger active face, and the area 
of the Bending Moment below ground level will also be greater. The ratio 
Mo/Ho is rather large in this example. Lower ratios using the same lateral 
pressures would produce results of even less relative economy by the 
author’s method. 

In practice it is not advisable to apply or use lateral pressure within two 
or three feet of the surface. This can be accomplished by modifying the 
problem in the manner shown in Fig. 5c. Applied to both methods this would 
lessen the difference in cost between the results from the two methods. 

If in the above example, Vo, the vertical component, had been 10 kips, a 
suitable foundation (Pressure under two only) bearing on earth three feet 
below the surface would have had as its plan dimension in the plane of the 
moment 16 Feet, and been 7 Feet wide by 3 Feet deep. (In Reinforced Con- 
crete.) 

Comparative volumes of earth and concrete for this base would then have 

_ been (Assuming 3 Feet Thickness in the Short Pile Cases) 150 cu.ft., 225 cu. 
ft., and 336 cu. ft. The short pile excavation would have a higher unit cost, 
but the short pile types will in such a case be more economical. A further 
advantage of the short pile type is that better fixity conditions can be 


— 
— 
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developed at the base in good materials. The writer has used this type of 
foundation for a number of large span aluminum gantries, on which the over- 
turning moment was equivalent to an eccentricity of the vertical loads of 
about forty feet, with satisfactory results. However, in this case, the 
capacity of the soil was deliberately underrated in the absence of confirma- 
tory tests. 

In the case of piles of caissons having a large plan dimension in the plane 
of the applied moment, in addition to the equilibrating effect of friction on the 
vertical faces of the pile, the forces on the base can also be taken into account. 

This type of foundation can therefore prove practical and economic not 
only for structures of the pipe support class but for clad buildings forty feet 
or more in height. Without load tests it is not possible to be sure of the 


capacity of such foundations, but it appears that it is greater than estimated 
by the author. 


| 
| 
| 


‘OS 3YNDIS ‘dS 


o 
~ 
v 


"2 INDIA 
= 
‘ALISNIO OS = 


1382 ST 5 Po 
tt 
Pall 
J 
ud 
> 
¢ 
@ 
Q 
Il 
Y 
| 
x 
x ac 
9 
ty 
va 


ASCE DISCUSSION 1382-71 


NWI 


| 
| 


1382-73 


Discussion of 
“CONFIRMATION OF INELASTIC STRESS DISTRIBUTION 
IN CONCRETE” 


by Eivind Hognestad 
(Proc. Paper 1189) 


ANTHONY M. DIGIOIA, ! J.M. ASCE.—Mr. Hognestad has done a fine job of 
reporting studies in the literature regarding inelastic stress distribution in 
flexural reinforced concrete members. The results of his investigation show 
that the values:of Ki, K2, Ks, and Eu recommended by the Joint ASCE-ACI 
Committee on Ultimate Strength Design are in good agreement with values 
determined experimentally by men such as Jensen, Whitney, and others. His 
review substantiates the validity and reality of the fundamental concepts of 
plasticity involved in ultimate strength design theories. 

The writer believes that Mr. Hognestad and his associates, N. W. Hanson 
and D. McHenry, have devised an unique testing method for plain concrete 
specimens which permits the flexural compressive stress distribution to be 
measured accurately and directly. The results of these tests “show that the 
inelastic concrete stress distribution consists of a rising curve from zero to 
the maximum stress and a descending curve beyond the maximum stress.” 
The test results confirm the inelastic stress concepts used by the Joint Com- 
mittee both quantitatively and qualitatively. 

The work of the Joint Committee is definitely a step in the right direction. 
The Committee has developed practical design procedures which enable the 
engineer to design a reinforced concrete flexural member by reasonably sim- 
ple routine calculations. Of course, every precaution must be taken so that 
the design of members by the Ultimate Strength Procedure does not become 
too routine, i.e., that a point is never reached wherein the designer loses 
sight of the basic principles of statics and continuity which underly his work. 
If this loss of insight becomes a reality then this would be a step in the 
wrong direction. 

It is believed that the Joint Committee was aware of this impending danger 
of “routineness” for the Committee did not feel that the time had come to 
standardize a single diagram to represent the stress distribution in compres- 
sion. “A rectangle, trapezoid, parabola, or any other shape which results in 
reasonable agreement with tests” may be assumed. 

At present, some engineers believe that the rectangular stress block is 
the form best adapted to design and that it is the simplest form. But with an 
assumed linear strain distribution across a section, does a rectangular 
stress distribution logically follow? Is continuity preserved? Of course the 
answers to these inquiries are in the negative. Then, should the rectangular 
stress block be used because of its simplicity when the risk of loss of reality 
is present? The writer feels that in order to avoid this loss, the rectangular 
stress distribution should not be used. The rectangular stress block is defi- 
nitely simple, but are the trapezoidal or parabolic stress blocks any more 
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difficult to handle? It is believed that these latter stress blocks are not only 
as simple as the former stress block, but also have the added advantage of 
preserving continuity and reality. In time, it is felt, that a balance of sim- 
plicity, reasonableness, and practicality will be attained through the efforts 
of organizations such as ASCE and ACI. 
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Discussion of 
“DESIGN OF FLEXIBLE STEEL ARCHES 
BY INTERACTION DIAGRAMS” 


by H. A. Miklofsky and O. J. Sotillo 
(Proc. Paper 1190) 


REINALDO GARCIA-ITURBE.*—The authors are to be commended for de- 
veloping in a clear, comprehensive and concise manner the concept of an in- 
teraction diagram for any type of flexible steel arch, and for expanding this 
concept to cover its application to actual design. This diagram will allow the 
designer to tell at a glance those dimensions of the arch rib or truss chord 
which satisfy the requirements for stress and radial deflection, and which of 
these dimensions are the most economical. It can also be used to indicate the 
economic feasibility of the use of materials other than carbon or silicon steel 
for the arch rib or truss members. 

The effectiveness and accuracy of such a tool are more than demonstrated 
in the design illustrations by comparing the results obtained by its use to 
those obtained by other forms of the deflection theory. 

To this writer, the main advantage of the interaction diagram lies in the 
fact that once it has been drawn for a particular section of a particular struc- 
ture, it can be used over and over again to check different combinations of 
sectional dimensions, without need of repetitious and extensive calculations. 

As in the case of the interaction diagrams for suspension bridges devel- 
oped by Dr. Miklofsky in an earlier paper (“Bending Interaction in Suspension 
Bridges,” ASCE Proceedings Paper 652), the use of the moment of inertia of 
the chord of the truss arch, whether two-hinged or hingeless, instead of the 
chord area, is permissible, although the latter is of more immediate impor- 
tance to the designer. 

The interaction diagram, as developed, is based on a number of assump- 
tions, and this writer wonders how the presented analysis would be altered 
by considering: 1) the movement of the inflection point for the flexible sys- 
tem with respect to that for the rigid system; 2) the value of the horizontal 
reaction H not to remain constant as the arch axis deflects; 3) the centroid of 


all downward forces acting to the right of the section under consideration to 
move relative to the load points. 


*Graduate Student, Dept. of Civ. Eng., Carnegie Inst. of Technology, Pitts- 
burgh, Pa. 
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Discussion of 
“HIGHWAY BRIDGE LIVE LOADS BASED ON LAWS OF CHANCE” 


by Henson K. Stephenson 
(Proc. Paper 1314) 


RAYMOND ARCHIBALD, | M. ASCE.—The frequency of occurrence of 
heavy truck loads has been a topic of discussion for several years, and it ap- 
pears that Mr. Stephenson has done something about it. The writer was pre- 
viously indirectly associated with the author in the studies which were the 
basis of this paper. It is a worthy contribution to the bridge engineering field 
if properly applied. It should be emphasized that the paper is centered around 
the frequency of occurrences of certain types and conditions of live loading. 
The term “design live load” as used in certain parts of the paper might mis- 
lead the reader into using a load that occurs very infrequently as the maxi- 
mum and design load. The determination of the frequency of the live load is 
a measure of the capacity of the bridge with respect to fatigue stresses that 
might develop. A repetitious loading can cause fatigue failure whereas a 
single occurrence of the same load might not. 

The design loads and design stresses fix the ultimate capacity of a struc- 
ture. Should the ultimate capacity be exceeded only once in the lifetime of a 
bridge, this would be sufficient to cause its failure. Therefore, in selecting 
the design load it is necessary to determine the maximum load that will come 
upon the bridge during its lifetime even if this should be only one time. 

The theory for determining the frequency is properly stated as the occur- 
rence of a condition entirely by chance. The writer questions the probability 
of frequency of highway loads being determined by chance alone. In many 
cases the loading and spacing of trucks on the highway are planned and con- 
trolled by the operators of the vehicles. A familiar sight on the highway is a 
convoy of two, three or four trucks following each other, all of the same type, 
and belonging to the same company. This is strictly a “planned” occurrence 
and throws the “chance” occurrence “out of kilter.” A simple explanation of 
the difference between the chance occurrence and planned occurrence can be 
illustrated with the familiar card game of Blackjack. If the dealer deals off 
the top of the deck and in the proper order, chances for winning in the game 
can be calculated mathematically and the winning is purely a chance occur- 
rence. However, should the dealer take a known card from off the bottom of 
the deck, this becomes a planned occurrence and knocks the chance occur- 
rences clear out of the game. 

Another factor in the theory is that the spacing and occurrence of heavy 
loads remain the same throughout the solution. This assumption can be 
properly accepted for determining the frequency and fatigue effect but should 
not be used in determining the design load for ultimate capacity. A planned 
disturbance to this smoothly moving traffic develops when a long string of 
vehicles is stopped on the highway while the maintenance or construction 
crews are working. This planned stoppage can cause a line-up on the bridge 
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of vehicles closely spaced and over the entire length of the bridge. Here 
again if the design load has not anticipated such a condition and the ultimate 
capacity of the bridge is exceeded, it will fail. The only concern of the 
writer in regard to this paper is the misinterpretation of the term “design 
live loading” used quite frequently. It should be emphasized in determining 
the design live load or ultimate capacity of a bridge that one occurrence 
within the lifetime of the structure of a load that would equal the capacity of 
the bridge should be the determining factor in its design. 

When it comes to determining fatigue values and stresses the paper will 


be invaluable in aiding the specification writers to arrive at the proper values 
under the circumstances. 


PROCEEDINGS PAPERS 


The technical papers published in the past year are identified by number below. Technical- 
division sponsorship is indicated by an abbreviation at the end of each Paper Number, the 
symbols referring to: Air Transport (AT), City Planning (CP), Construction (CO), Engineering 
Mechanics (EM), Highway (HW), Hydraulics (HY), Irrigation and Drainage (IR), Pipeline (PL), 
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the Board of Direction are identified by the symbols (BD). For titles and order coupons, refer 
to the appropriate issue of “Civil Engineering.” Beginning with Volume 82 (January 1956) papers 
were published in Journals of the various Technical Divisions. To locate papers in the Journals, 
the symbols after the paper numbers are followed by a numeral designating the issue of a 
particular Journal in which the paper appeared. For example, Paper 1113 is identified as 1113 
(HY6) which indicates that the paper is contained in the sixth issue of the Journal of the Hy- 
draulics Division during 1956. 

VOLUME 82 (1956) 


SEPTEMBER: 1054(ST5), 1055(STS), 1056(ST5), 1057(ST5), 1058(STS), 1059(WW4), 1060(WW4), 


1061(WW4), 1062(WW4), 1063(WW4), 1064(SU2), 1065(SU2), 1066(SU2)°, 1067(ST5)©, 1068 
(wwa4)°, 1069(WW4). 


OCTOBER: 1070(EM4), 1071(EM4), 1072(EM4), 1073(EM4), 1074(HW3), 1075(HW3), 1076 (HW3), 
1077(HY5), 1078(SA5), 1079(SM4), 1080(SM4), 1081(SM4), 1082(HY5), 1083(SA5), 1084(SA5), 


1085(SA5), 1086(PO5), 1087(SA5), 1088(SA5), 1089(SA5), 1090(HW3), 1091(EM4)°, 1092 
(HY5)°, 1093(HW3)°, 1094(PO5)°, 1095(SM4)°. 


NOVEMBER: 1096(ST6), 1097(ST6), 1098(ST6), 1099{ST6), LIOO(ST6), LIOI(ST6), 1102(IR3), L103 


(3), NO5(IR3), 1106(ST6), 1107(ST6), 1108(ST6), LIO9(AT3), WO(AT3)°, U(IR3)°; 
112(ST6)°. 


DECEMBER: 1113(HY6), 1114(HY6), 1115(SA6), 1116(SA6), 1117(SU3), 1118(SU3), 1119(WW5), 
1120(WW5), 1121(WW5), 1122(WW5), 1123(WW5), 1124(WW5)°, 1125(BD1)°, 1126(SA6), 1127 


(SA6), 1128(WW5), 1129(SA6)°, 1130(PO6)°, 1131(HY6)°, 1132(PO6), 1133(PO6), 1134(PO6), 
1135(BD1). 


VOLUME 83 (1957) 


JANUARY: 1136(CP1), 1137(CP1), 1138(EM1), 1139(EM1), 1140(EM1), 1141(EM1), 1142(SM1), 

1143(SM1), 1144(SM1), 1145(SM1), 1146(ST1), 1147(ST1), 1148(ST1), 1149(ST1), 1150(ST1), 
1151(ST1), 1152(CP1)°, 1153(HW1), 1154(EM1)°, 1155(SM1)°, 1156(ST1)°, 1157(EM1), 1158 
(EM1), 1159(SM1), 1160(SM1), 1161(SM1). 


FEBRUARY: 1162(HY1), 1163(HY1), 1164(HY1), 1165(HY1), 1166(HY1), 1167(HY1), 1168(SA1), 
1169(SA1), 1170(SA1), 1171(SA1), 1172(SA1), 1173(SA1), 1174(SA1), 1175(SA1), 1176(SA1), 


1178(SA1), 1179(SA1), 1180(SA1), 1181(SA1), 1182(PO1), 1183(PO1), 1184(PO1), 
1185(PO1)¢. 


MARCH: 1186(ST2), 1187(ST2), 1188(ST2), 1189(ST2), 1190(ST2), 1191(ST2), 1192(ST2)°, 1193 
(PL1), 1194(PL1), 1195(PL1). 


APRIL: 1196(EM2), 1197(HY2), 1198(HY2), 1199(HY2), 1200(HY2), 1201(HY2), 1202(HY2), 1203 
(SA2), 1204(SM2), 1205(SM2), 1206(SM2), 1207(SM2), 1208(WW1), 1209(WW1), 1210(WW1), 
1211(WW1), 1212(EM2), 1213(EM2), 1214(EM2), 1215(PO2), 1216(PO2), 1217(PO2), 1218 
(SA2), 1219(SA2), 1220(SA2), 1221(SA2), 1222(SA2), 1223(SA2), 1224(SA2), 1225(PO)°, 1226 
(WW1)°, 1227(SA2)°, 1228(SM2)°, 1229(EM2)°, 1230(HY2)°. 

MAY: 1231(ST3), 1232(ST3), 1233(ST3), 1234(ST3), 1235(IR1), 1236(IR1), 1237(WW2), 1238(WWw2), 
1239(WW2), 1240(WW2), 1241(WW2), 1242(WW2), 1243(WW2), 1244(HW2), 1245(HW2), 1246 
(HW2), 1247(HW2), 1248(WW2), 1249(HW2), 1250(HW2), 1251(WW2), 1252(WW2), 1253(IR1), 
1254(ST3), 1255(ST3), 1256(HW2), 1257(IR1)°, 1258(HW2)°, 1259(ST3)°. 


JUNE: 1260(HY3), 1261(HY3), 1262(HY3), 1263(HY3), 1264(HY3), 1265(HY3), 1266(HY3), 1267 
(PO3), 1268(PO3), 1269(SA3), 1270(SA3), 1271(SA3), 1272(SA3), 1273(SA3), 1274(SA3), 1275 
(SA3), 1276(SA3), 1277(HY3), 1278(HY3), 1279(PL2), 1280(PL2), 1281(PL2), 1282(SA3), 1283 
(HY3)©1284(PO3), 1285(PO3), 1286(PO3), 1287(PO3)°, 1288(SA3)°, 


JULY: 1289(SM3), 1290(EM3), 1291(EM3), 1292(EM3), 1293(EM3), 1294(HW3), 1295(HW3), 
1296(HW3), 1297(HW3), 1298(HW3), 1299(SM3), 1300(SM3), 1301(SM3), 1302(ST4), 1303 
(ST4), 1304(ST4), 1305(SU1), 1306(SU1), 1307(SU1), 1308(ST4), 1309(SM3), 1310(SU1) ©, 
1311(EM3)°, 1312'ST4), 1313(ST4), 1314(ST4), 1315(ST4), 1316(ST4), 1317(ST4), 1318 


(ST4), 1319(SM3)° 1320(ST4), 1321(ST4), 1322(EM3), 1323(AT1), 1324(AT1), 1325(AT1), 
1326(AT1) , 132%(AT1) , 1328(AT1) ©, 1329(ST4) ©, 


AUGUST: 1330(HY4), 1331(HY4), 1332(HY4), 1333(5A4), 1334(SA4), 1335(SA4), 1336(SA4), 
1337(SA4), 1338(SA4),_1339(CO1) 1340(CO1), 1341(CO1), 1342(CO1), 1343(CO1), 1344(PO4), 
1345(HY4), 1346(PO4)~, 1347(BD1), 1348(HY4)°, 1349(SA4), 1350(PO4), 1351(PO4). 

SEPTEMBER: 1352(IR2), 1353(ST5), 1354(ST5), 1355(ST5), 1356(ST5), 1357(ST5), 1358(ST5), 
1359(IR2), 1360(IR2), 1361(ST5), 1362(IR2), 1363(IR2), 1364(IR2), 1365(WW3), 1366(WW3), 
1367(WW3), 1368(WW3), 1369(WW3), 1370(WW3), 1371(HW4), 1372(HW4), 1373(HW4), 
1374(HW4), 1375(PL3), 1376(PL3), 1377(0R2)°, 1378(HW4)°, 1379(IR2), 1380(HW4), 
1381(WW3)¢, 1382(ST5)°, 1383(PL3)°, 1384(IR2), 1385(HW4), 1386(HW4). 

c. Discussion of several papers, grouped by Divisions. 
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